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Proceedings of the American Society of Civil Engineers 


EFFECTS OF CAMBERING OF STEEL WF BEAMS 


Harry H. Hill! 
(Proc. Paper 1146) 


SYNOPSIS 


The practice of cambering steel beams is commonplace today in simple 
span bridges. Although the design procedure disregards the residual 
stresses, it is felt that they are of sufficient magnitude to warrant their con- 
sideration. The method of determining these residual stresses presented 
herein will give a rational approach to the analysis. The stresses produced 
by subsequent loading, based on an allowable stress of 18000 psi are also 
presented. 

The procedure for deflections will be of value in determining the required 
moment to produce a given camber. 

A set of curves, such as drawn for this analysis, will reveal the magnitude 
of the residual stress for any required camber, when the beam is reloaded. 


INTRODUCTION 


Cambering of steel beams is usually performed by the cold working pro- 
cess, often referred to as gagging. The cold working process produces in- 
elastic bending and it is the stresses induced by this bending that is to be 
analyzed. A consideration of the condition when elasticity begins and when 
the beam is fully plastic along with the stress distribution diagrams will yield 
the magnitude of these stresses. 

A straight forward analysis of the stress distribution diagrams will yield 
the value of the stress due to reloading opposite to the direction of camber. 

The deflection for a semi-plastic or fully plastic condition can be ob- 
tained from integration of the basic equation, 


dA=mdc 


Note: Discussion open until June 1, 1957. Paper 1146 is part of the copyrighted Jour- 
nal of the Structural Division of the American Society of Civil Engineers, Vol. 83, 
No. ST 1, January, 1957. 

1. Asst. Prof. of Mechanics, Univ. of Oklahoma, Norman, Okla. 
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The springback of the beam when the load is released, is obtained by a 
consideration of the stress and strain distributions and the fact that there is 
some fibre which behaves elastically and for which the stress is zero. 

Knowing the deflection and the springback, then the camber may be ob- 
tained. 


Stress Analysis 


The solution of the residual stress for a given camber is of necessity trial 
and error. Therefore, all data will be in tabular form, see Table 1. 

A 24" WF 94 pound beam, 40’ in length, was chosen to illustrate the solu- 
tion. It is necessary to first determine the values of moment which will pro- 
duce the extreme conditions, i.e., when inelasticity begins and when the beam 
is fully plastic. 

For the beginning of elasticity, 


(2) 


My = SoZ = 36000 (220.9) = 7,952,400" # 


To determine the moment for full plasticity, attention is directed to Fig. 1, 
which is the stress distribution for the top half of the beam during inelastic 
bending. This distribution is based on the assumption that no fibre will ex- 
ceed the yield stress, Se, until all fibres have become plastic. The value of 
the applied moment must equal the resisting moment. The resisting moment 
is obtained from 


M «= syaa (3) 


From which 
-h c-t c 
2 | Sgyb' 
+ 
M=2 Seybdy + 2 | Sgybdy eyo'dy 
° c-h 
ee where y_ = distance from the neutral axis to any fibre 
= distance from the neutral axis to the outer most fibre 
es h = distance from the top fibre to the fibre where inelasticity is 
beginning 
Se = yield point stress, assumed as 36000 psi 
b = web thickness 
t = flange thickness 


b' = flange width 


The equation reduces to, 


M = Sb = 2ct + t2 + (5) 


It may be seen that for the fully plastic condition h = c, therefore, this sub- 
stitution into equation 5 gives the moment Mp for full plasticity in terms of c, 
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HILL 1146-3 
My = S.b(c2 - 2ct + t2) + (6) 
substituting the values of Se, b, b', t and c, 
Mp = 9,018,022 # 


Therefore, Table 1 will be made using values of M between Me and Mp. 

Figure 2 shows the stress distribution during loading and unloading for the 
top half of the beam, assuming that all fibres behave elastically during unload- 
ing. In this figure Sj is greater than Se. This may be explained as follows. 
The elastic fibres tend to return to their original length while the inelastic 
ones retain some strain. Since plane sections before bending remain plane 
after bending, the elastic fibres will exert a tensile force on the inelastic 
ones and the inelastic fibres exert compression on the elastic fibres. This 
then results in the upper fibres being in tension, requiring S; to be greater 
than Se, which is compression. 

An equation for residual stresses can be derived from Fig. 2, the stress 
distribution during loading and unloading for the top half of the beam. This 
figure assumes, that during unloading, all fibres behave elastically. Noting 
that the moment of the resisting residual forces for the portion above the 
neutral axis must equal the moment of those forces below the neutral axis, 


- + Sey b(y + + 
(7) 
Ya -$) bor (e-$) + Bs, Fo (3) 


which reduces to 


2 2 
Seb't Seby Seby~ _ 
Setb'c - + S.byy, * 


Syb't2y> , Sib't? Syb't? 
2c 2 6c 3c 


and is a general equation applicable to any WF beam. 
Substituting in equation 8 for a 24'' WF at 94#, it becomes 


S. (125.048 - .086y*) = 109.5235, (9) 


To determine the value of y, or c-h, attention is reverted to equation 5. 
Knowing Se, b, b’, t and c, then for a given moment, M, the value of h can be 
obtained. For a moment of 8,250,000 inch-pounds, 


h= 2982" (10) 


y= e-h = 12,145 - .982 = 11.163" 


Using this value of y in equation 9, 


Sj = 37728 psi 
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From, Figure 2, the residual stress at A, 


ye = -37728 + 36000 
a 4 = -1728 psi Tension (11) 
t a It can be seen in Fig. 2, that at some point, C, the residual stress is zero. 
4 The distance of this point from the neutral axis, y3, can be obtained by the re- 
4 lation of similar triangles. 
(12) 
c 
4 Therefore, 
(13) 
% = 11.589" 
iy From Fig. 3, the residual stress distribution, 
A 
=H a = 12.145 - 11.589 = 2556" 
= 11.589 - 11.163 = 2426" 
a q then, by similar triangles, 


y<S 
B 


= ait (1728) = 1324 psi Compression (16) 
Subsequent loading, in practice, consists of turning the beam over and ap- 
plying the load opposite to the direction of camber. Assuming that the beam 
behaves elastically during reloading and that sufficient load is applied to add 
18000 psi in the outer fiber, from Fig. 4, since 


(17) 


4 


and S, = 18000 psi, then the final stress at A, 
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=S, +S 
A* 
= -1728 + (-18000) = -19728 (18) 
For point B, 
ok 
(Say) 


= 24163 (18000) = 16545 


12.145 (19) 


therefore, 
Spy + Sp 
= -16545 + 1324 = -15221 (20) 
For point C, 


S,' + Say 


21.589 = = 
12.145 (-18000) 17176 (21) 


Reworking this process for various values of moment, Table 1 is com- 
pleted. 


Inelastic Deflection and Camber 


The value of inelastic deflection can be obtained by integration of the basic 
equation, 


aA = (22) 


in which m, from Fig. 5, is 


(L - x) x 


L 


Loading the beam symmetrically with two concentrated loads P, see Fig. 6, 
the equation becomes, 


(23) 


From x = 0 to Me :m = 5 and 


dst = pes where M = Px 
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From x “e to L : m =~ and 
> 1 2 


-(M 


where M = Px 


L 
ion: From x = L, to= : m =~ and 
13 2 


1 


4 Substituting the above values for m, d< and M and the value of k = be 
M 
oe and n = k - 1, equation 23 reduces to,* 
4 
Me? 3 PL 
A= + nt (2c + ~ 2) (2k + 1) 
4 3EIP@ 3 
4 (24) 
+ ot - - 
% To facilitate more rapid calculations, the right hand side of equation 24 can 
a be reduced to a single unknown, P, after k and n are evaluated. For example, 
q when L, = L/3 
2:018,022 
n= 1,134 -1 = 
4 E = 29 x 10° 
I = 2683 
therefore 
21..545x10° 6 
P 
(2.268 + 20.120x10~6P)+.797 | = .559(1.134-20.120x10~P) 
E and for a moment of 8,250,000 inch pounds, 
{ * Reprinted, with permission, from Seely and Smith; Advanced Mechanics of 
7 . Materials, 1952, John Wiley and Sons, Inc., Equation (a) in Problem 317, 
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then 
A = 2.746" 


The calculation of the amount of springback when the load is released is 
based on two assumptions, (1) that all fibres behave elastically as the load is 


released and (2) that point C, Figure 2, has a stress relief of Se or 36000 psi. 


In figure 7, the solid line indicates the strain distribution and the dotted line 
represents the strain distribution after the load is released. €, is the strain 
relieved at point C and based on the assumptions stated, 


= ,0012/, in./in. (27) 


This strain relief is due to a moment, M,, of 


Sel (28) 


which, for an applied moment of 8,250,000" # is, 


6000( 268 
26000( 2683) 8,334,455"% 


M "211.589 


Assuming the relieved moment, Mj, to be produced by loads Pj, placed at 
the third points, 


3M. 
(29) 
283342455) 520904 


480 


The springback can then be calculated from the equation for elastic de- 
flection, for a beam loaded at the third points as follows: 


(30) 
648 EI 


and for a 24" WF at 94# and length of 40’ becomes, 
4 = (31) 


at a moment of 8,250,000 inch-pounds 


4 1 = 50045x10~( 52090) 
4 = 2.628" 


VG 
| 
1 
Se 
or a 
1 E 
al 
if 
4 
ais 
q 
A 
i 
i 
| 
ait = 
— 


1146-8 ST 1 January, 1957 


The camber is then, 


Camber = 4 -A 1 
2.746 - 2.628 = .118"' (32) 


Repeating the above procedure for deflection, springback and camber, 
Table 2 is completed. 


CONCLUSIONS 


The data from Tables 1 and 2 for moment, S,", Sp S.') Y,¥ and camber 


can be incorporated into a set of curves such as Figures 8 and 9. 

Significant is the fact that the stress at points A and C, due to reloading, 
vary linearly with increasing moment, while the stress at B is of a higher or- 
der variation. and increase, whereas, decreases with increasing 
moment. 

To use such a set of curves, let it be assumed, for the 24" WF at 947, that 
a camber of 1 1/2"'is desired. From curve 4, the required moment would be 
8,770,000 inch-pounds. For reloading ata stress, Sa , of 18000 psi, the 

1 
final stresses, taken from curves 1, 2 and 3 respectively and corresponding 
to M = 8,770,000 are 


Ss A =-22000 psi tension 


Sp = 5600 psi compression 
-16200 psi tension 


Cc 

Obtaining the value for y3 from curve 5 and y from curve 6 at a moment of 

8,770,000" 4 , the final stress distribution can be drawn, see Fig. 9. 
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Journal of the 
STRUCTURAL DIVISION 


Proceedings of the American Society of Civil Engineers 


A CIRCUIT ANALYSIS OF LATERALLY LOADED 
CONTINUOUS FRAMES 


Frank Baron,* M. ASCE 
(Proc. Paper 1147) 


SYNOPSIS 


An analytical procedure is developed for determining the effects of loads 
normal to the plane of such structures as suspension bridge towers, delta 
wings of aircraft, grillages of beams, and substitute networks for slabs. The 
procedure is called a “circuit analysis” and is an extension of the “shear and 
torsion analogy” presented for structures lying in a plane and continuous be- 
tween two supports. The present procedure is applicable to structures hav- 
ing curved or segmental members lying in a plane and forming any number 
of multi-connected circuits in the plane. In addition a circuit analysis is 
developed for determining the effects of loads lying in the plane of such 
structures as building frames, Vierendeel girders, and continuous arches or 
gabled structures on elastic piers. The latter procedure is an extension of 
the column analogy to plane structures having more than a single closed 
circuit. 


INTRODUCTION 


Many structures lie in a plane, are loaded normal to their plane, and are 
made up of curved or segmental members forming various multi-connected 
circuits. The members may have torsional and bending rigidities which af- 
fect the distributions of moments and shears. Suspension bridge towers, 
transmission line towers, delta wings of aircraft, and grillages of beams as 
in building and highway bridge floors are examples of structures that consist 
of multi-connected circuits and that may be loaded normal to their plane. 
Analytical studies of structures loaded in this way are reported by the Golden 
Gate Bridge and Highway District,(1) s, Levy,(2) and C. Massonnet.(3) Addi- 
tional examples of structures loaded in this way are various shapes of net- 
works introduced as approximations for slabs. Finite difference methods 
and relaxation procedures are reported for these cases by R. V. Southwell (4) 


Note: Discussion open until June 1, 1957. Paper 1147 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
83, No. ST 1, January, 1957. 

*Prof. of Civ. Eng., Univ. of California, Berkeley, Calif. 
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F, S. Shaw, (5) V. P. Jensen, (8) A. Parme, (7) and others, In general, these 
procedures have been developed for homogeneous, elastic, and isotropic slabs 
of constant thickness. In the application of these procedures, difficulties fre- 
quently are encountered with irregularities in shape, thickness, or boundary 
conditions of the slabs. 

Among structures loaded in their plane and consisting of multi-connected 
circuits are building or portal frames, Vierendeel girders, and multi-span 
structures involving curved or segmental members. Various analytical pro- 
cedures have been developed for these cases and include classical methods(8) 
such as the slope-deflection method, Maxwell’s method, and the method of 
least work. More recent developments include numerical procedures such as 
Cross’s moment distribution method, (9) Grinter’s angle-change distribution 
method, (10) and Southwell’s relaxation methods.(11) In many of these cases, 
the requirements of statics and geometry have been stated in terms of those 
existing at the junctions of members. However, some procedures exist in 
which the requirements of statics and geometry have been stated in terms of 
those existing for closed circuits. Among procedures developed for struc- 
tures consisting of kia closed circuits are the neutral point method, (12) 
the column analogy, (13 the hydrostatic analogy, (14) and the shear and torsion 
analogy(15) with its extension into space. For multi-connected circuits, 
mention is made of procedures devised for studying the torsion of multi- 
connected cylinders, (16) and the deflections of loaded membranes and 
strings. (17) Additional mention is made of ee methods developed by L. C. 
Maugh, (18) Matthews,(19) and F. Stiissi.(20) 

An analytical procedure is presented for determining the moments and 
shears in a plane structure having curved or segmental members forming 
any number of closed circuits. The members lie between adjacent circuits, 
meet at junctions, and are continuous at the respective junctions, The cir- 
cuits may have any shape in plan and the members may have any variation in 
cross-section along their length. It is assumed that the torsional and bend- 
ing stiffnesses, or flexibilities, of a structural element ds in length are known 
and that no uncertainties exist in these values as a result of the properties of 
materials or of shapes of cross-sections. The effects of shear deformations 
and of changes in length of an element of a structure are considered negligi- 
ble. If desired, adjustments in the succeeding analyses may be made for 
these effects. 


The Column and the Shear and Torsion Analogies Extended 


In general, two classes of loading may be considered for structures lying 
ina plane. These loadings are as follows: 


A) Loads applied in the plane of the structure and moments about axes 
normal to this plane. This class of loading is the same as in the column 
analogy. 

B) Loads applied normal to the plane of the structure and moments about 
axes in this plane. This class of loading is the same as in the shear and 
torsion analogy. 


In the succeeding discussion the two classes of loading will be paralleled 
and the respective loads and moments will be considered as applied at the 
junctions of the members, For loads and moments applied at stations 
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between junctions of members, the analysis for either class of loading may 
be made in two parts as follows: 


1. Determine for each member the effects of the loads and moments as if 
the ends of the member are fixed. The fixed-end shears and moments may 
be obtained by means of the column analogy and the shear and torsion analogy. 
Now obtain the unbalanced shears and moments occurring at each junction, 

2. Determine the effects of the unbalanced shears and moments by means 
of the procedure presented below. 


For each class of loading, the forces and moments acting on a cross- 
section of a member of the structure are shown in Fig. 1(b) and are repre- 
sented as vectors. The angle changes, rotations, and displacements at the 
section of the member are shown in Fig. 1(c) and are also represented as 
vectors. The member being considered lies between a central circuit, 
designated by c, and an adjoining circuit, designated by a. Depending on the 
circuit being considered, the member is either a part of circuit c or a part 
of circuit a. The signs indicated in Fig. 1 are for the member being con- 
sidered as part of circuit c. If the member is considered as part of circuit 
a, the signs are automatically opposite to those indicated in the figure. In 
distinguishing between a front face and a back face of a member a clockwise 
path around the considered circuit is taken as positive. Forces and moments 
are positive on a front face when they are in the direction of an axis. They 
are positive on a back face when they are against the direction of an axis. 
The same sign convention is used for rotations and displacements. The angle 
changes between adjacent cross sections of an element are positive when they 
are in the direction of an axis. The statical and geometrical relationships 
are referred to rectangular axes. The positive direction of the z axis is 
normal to the paper and away from the reader. 

For either class of loading, structures having multi-connected circuits 
may be analyzed by a procedure consisting of two parts as follows: 


1. Assume any statically possible distribution of moments and correspond- 
ing shears along the members of the structure. Check each circuit and see if 
errors exist in the geometry of each closed circuit. 

2. If such errors exist, add (or subtract) a distribution of moments and 
shears that corrects these errors. This distribution, however, must not in- 
troduce errors in statics. 


The above sequence is the same as that used in the shear and torsion 
analogy and in the column analogy. Modifications, however, are necessary 
within the sequence itself to extend it to structures having multiconnected 
circuits. Use henceforth is made of the shear and torsion analogy and of the 
column analogy in determining the errors which may exist in the geometry of 
each closed circuit and in determining successive patterns of corrections 
which may be introduced into a closed circuit without disturbing the require- 
ments of statics. 

Fig. 2(a) shows for each class of loading the sequence used in determining 
the final moments and shears at any section of a member of a structure hav- 
ing multiconnected circuits. The signs are for a member being considered 
as part of circuit c. The final moments and shears at a section are obtained 
as follows: 
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For Loads For Loads 
as in (A) as in (B) 


Shear- Vy Moment- mem, (1a) 
7 hear-  moment- =m Ib 
and and shear- (10) 


The subscripts o and i are associated with the assumed distributions and 
correction distributions, respectively. The only restriction upon the as- 
sumed distributions of moments and shears is that the requirements of 
statics are satisfied; i.e., that the loads and moments at the junctions are 
accounted for. Here, as elsewhere, preferences may exist in selecting sta- 
tically possible distributions of moments. 

Now consider the distributions of correction moments and shears. The 
correction moments and shears at any section of a member lying between a 
central circuit c and an adjoining circuit a are shown in Fig. 2(B) and are 
obtained as follows: 


For Loads 
as in (B) 


For Loads 
as in (A) 
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In Eqs. 2a, 2b, and 2c, superscripts c and a are introduced and refer to cir- 
cuits c and a respectively. For example, m,; and m,,; are contributions to 
the correction moments m yj in the member and are a result of the member 
being a part of circuit c and a part of circuit a, respectively. In the terms 
for moments and shears, an additional subscript c is introduced in Eqs. 3a, 
3b, and 3c and refers to the “centroids” of the circuits. For example Mxjc 
and m yj. are for loads as in (B) and are correction moments about an x 
axis at the centroid of circuit c and about an x axis at the centroid of cir- 
cuit a, respectively. The distances Xcc, Ycec, Xcq, and Yoeg are measured 
from rectangular axes at the centroids of the circuits and are measured toa 
section of a member. (See Fig. 3.) In these terms, the first subscript de- 
notes a centroid and the second subscript denotes a circuit. The position of 
a centroid and the properties of a circuit with respect to its centroid are dif- 
ferent for each class of loading and are defined subsequently. An inspection 
of Eqs. 3 and 4 shows that for each class of loading the contributions of the 
correction moments and shears at the centroid of a circuit to the correction 
moments and shears in the members of a circuit are planar. In addition, the 
correction moments and shears in each circuit are self-balancing and do not 
add any additional loads or unbalanced moments at the junctions of the mem- 
bers. If desired, rigid arms can be imagined as being attached to the mem- 
bers of the structure and extending to the centroids of the circuits. The cor- 
rection moments and shears at the centroids of the circuits are applied to 
these arms and are self-balancing. 

Now consider the requirements of geometry. For any closed circuit the 
sum of the angle changes about any axis must equal zero and, if the angle 
changes are small, the sum of the angle changes times their respective dis- 
tances to any axis must equal zero. These requirements are restated for 
circuit c as follows; 


For loads as in (A)— 


Displacement,; 

Cc Cc 

Lyde, =2yde, Lyde,;= 0 (5a) 
Displacementy; 

Cc 

xde=)xde, 2 xde,;=0 (5b) 
Rotation; 

Cc 

2de,= dde,, -2Qde,; =0 (5c) 

and for loads as in (B)— 

Rotation,; 

Cc Cc 

2de,=2de Ide, =0 (6a) 
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Rotationy; 


2de,= 0 


> xde,) = Siyde,, -xde yo) ~ 0 (6c) 


Thus, the angle changes as a result of the correction moments must balance 
those caused by the assumed moments. The following equations then are 


written: 


For loads as in (A)— 


Displacement,; 


c c 


Displacementy; 


¢ 
2xm,\da,= 2xm,,da,. 


Rotationz; 
ad Cc 
and for loads as in (B)— 
Rotation,; 
2(m,;da, +m, da, 2(m,.da, 


Xm, +m ida da, +m, 


Displacement,; 


2ylm, ida, Sx(m, ida +m = 


2y(m,.da, ,+m Exim, oda yt Moda, ,) (8c) 


In Eqs. 7 and 8 the superscript c denotes that the sums (or line integrals) 
are taken about circuit c. Similar equations of geometry may be written for 
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the circuits adjoining c and for all other selected circuits or paths. For 
loads as in (A), moments about the z-axis contribute to angle changes about 
the z-axis. However, for loads as in (B), moments about an x-axis or a 
y-axis contribute to angle changes about both axes. In Eqs. 7 and 8, the fol- 
lowing relationships hold: 


For Loads For Loads 
as in (A) as in (B) 


ds 
K (9a) 


(9b) 
(9c) 


(9d) 


These relationships are the same as in the column analogy and in the shear 
and torsion analogy and are discussed more fully elsewhere.(15) The da 
terms represent angle changes of an element, ds in length, due to unit 
moments at the ends of the element. The K terms represent moments about 
rectangular axes producing unit angle changes in an oblique element one unit 
in length. For convenience, the da terms are called flexibility factors, 
whereas the K terms are called stiffness factors. Algebraic expressions 
for the K factors are given in Fig. 4 in terms of the normal and tangential 
stiffnesses of an element oblique to a set of rectangular axes. 

From the relationships given in Eqs. 2 to 4, the requirements of geometry 
as given in Eqs. 7 and 8 may be written in terms of the correction moments 
and shears at the centroids of circuit c. If the distances X¥ and Vy to the 
centroidal axes of circuit c are now selected such that— 


For Loads For Loads 
as in (A) as in (B) 
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c 
0 2 (10b) 


--then the equations defining the moments and shears at the centroids of cir- 
cuit c may be written in exactly the same form as those appearing in the 
column analogy and in the shear and torsion analogy; namely, 
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For Loads For Loads 
as in (A) as in (B) 


However, for structures with multiple circuits the terms in the numerators 
of Eqs. lla, 11b, and 11c include not only the effects of the assumed moments 
along the members of circuit c but also the effects of the correction mo- 

ments and shears at the centroids of the adjacent circuits. This may be seen 
by inspection of Eqs. 12a, 12b, and 12c and Figs. 5A and 5B. 


For Loads 


For Loads 
as in (A) 


(12a) 


(12b) 


(12c) 


The results of Eqs. 11 and 12 are summarized in Fig. 5A for loads as in 
(A) and in Fig. 5B for loads as in (B). The terms in the denominators of 
Eqs. lla, 11b, and llc respectively may be interpreted as areas, moments 
of inertias, and polar moments of inertias of analogous columns or struts, 
These terms also may be interpreted as flexibility coefficients for circuit c. 
Finally, these terms are exactly the same as those appearing in the column 
analogy and in the shear and torsion analogy. They are discussed more fully 
elsewhere. (15) 


A Distribution Procedure for Determining 
the Correction Moments and Shears 


For each class of loading, a distribution procedure is developed for de- 
termining the correction moments and shears at the centroids of the various 
circuits, The procedure is as follows: 
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(1) Assume any statically possible distribution of moments and corresponding 
shears along the members of the structure. 
(2) Check each circuit and determine the errors in geometry at the centroids 
c 


Myo» and P,,, for 


loads as in (A) and as Pho, Pho, and Myo for loads as (B). See Figs. 5A 


of each circuit. These erases are as 


and 5B for summaries of these terms. Tabular forms are presented in 
Figs. 6A and 6B for computing the properties of the various circuits and 
the analogous forces or errors in geometry at the centroids of the circuits. 

(3) Add (or subtract) to each closed circuit a set of correction moments and 
shears at the respective centroids of the circuit. The correction moments 
and shears are computed in accordance with Eqs. lla, 11b, and 1lc except 
that the terms in Step 2 replace the corresponding numerators of these 
equations. 

(4) For each closed circuit, compute the new errors at the centroids result- 
ing from the preceding set of corrections in the adjacent circuits. These 
errors may be computed in the ome as Mt, Mts, and P,; for loads 

xi? Pi 
This may be seen by inspection of Figs. 5A and 5B. 

(5) As in Step (3), add (or subtract) to each closed circuit a set of correction 
moments and shears at the respective centroids of the circuit. (A more 
convenient way of computing these corrections is by use of carry-over 
factors as in the method of moment distribution. Such factors will be de- 
fined later.) 

(6) Repeat Steps (4) and (5) until the errors in each circuit are considered 
negligible. If desired, convergence may be helped at times by a judicious 
choice of over-correction. 


as in (A); and in the same way as P! and M,; for loads as in (B). 


Having determined the correction moments and shears at the centroids of 
the circuits, compute the correction moments and shears at the ends of each 
member by means of Eqs. 2, 3, and 4. Now determine the final distributions 
of moments and shears by means of Eqs. la, 1b, and Ic, 

As indicated in Step (5), carry-over factors may be used in determining 
the new errors or corrections introduced within a circuit by the preceding 
set of corrections in the adjacent circuits. Eqs. lla, 11b, and 1lc may be 
rewritten in the following form: 
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Cc 


+)¥ zc zc ze 


and for loads as in (B)— 


+ + LMyic © yat 


where the carry-over factors are represented by the C terms and are sum- 
marized for general cases of circuits in Figs. 7A and 7B. The C terms 
represent the influences of unit corrections in an adjacent circuit on the cor- 
rection moments and shears > a central circuit. For example: For loads 


xic Of one unit in circuit a produces correc- 


as in (A), a correction shear v 
c 
and a correction moment m zic in me c. The 


Vyic» 
corrections in circuit c are designated by xa» and 


tion shears v 


For loads as in (B), a correction moment Myc of one unit in circuit a pro- 
c c 


duces correction moments mxjc¢, and a correction shear vzj- in “aaa 


m 
yic» 
cuit c. The latter corrections also are designated by aod and od 


although they are not the same as those for loads as in (A). For the con- 
venience of the reader, it is suggested that the subscripts of the C terms be 
preceded by “from” and the superscripts be preceded by “to”. 

The carry-over factors summarized in Figs. 7A and 7B were obtained by 
use of Eqs. lla, 11b, and 1lc and the summaries given in Figs. 5A and 5B. 
If desired, they may be obtained by use of the tabular forms given in Figs. 6A 
and 6B. The carry-overs were obtained by considering a unit value for each 
correction moment and shear in an adjacent circuit. In addition, the terms 
of Eqs. lla, 11b, and 1lc involving the subscript o were considered as zero 
since only the terms involving the subscript i include the influences of cor- 
rection moments and shears at the centroids of the adjacent circuits. In 
each case, a carry-over factor is dependent on the properties of the member 
lying between the two circuits being considered and on the properties of the 
circuit designated as c. This may be seen by inspection of Figs. 7A and 7B. 
The properties of a member are distinguished from those of a circuit by 
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by means of the symbol d or by means of the letter, m in the subscripts or 
superscripts of the various terms. For example, the letter m above a sum- 
mation sign indicates that the sum is to be performed along the length of the 
member. Certain carry-over factors were dependent also on distances 
measured from the “centroids” of the member and on distances measured 
from the centroids of circuits c and a. The centroids of a member are de- 
fined such that, 


For Loads For Loads 
as in (A) as in (B) 


m m 
0 > (Yer 4x Xem y )= 0 (15a) 


m m 
> Yem © Xem44yy) (15b) 


The distances x,,, and y,,, in these equations and Figs. 7A and 7B are 
measured from the centroids of the member to the differential elements of 
the member, In Fig. 3 the distances Sor > and Yen are meas- 
ured from the respective centroids of circuit c and of circuit a to the cen- 
troids of the member. Here, as elsewhere, it is suggested that for conveni- 
ence of readings, the subscripts of these distances be preceded by “from” 
and the superscripts be preceded by “to”. 


Numerical Examples and Examples of Grids as in Slabs 


Numerical examples are presented only for structures loaded as in the 
shear and torsion analogy. 

Fig. 8 shows a vertical tower with two legs and three struts forming three 
rectangular circuits. Lateral loads of 1/2 unit are at the top of each leg and 
produce a torque about a vertical axis of the tower. The ratio of bending 
stiffness to torsional stiffness for each member is equal to two. The prop- 
erties of each circuit and the location of each centroid are summarized in 
Fig. 8(a). These values were obtained by use of the tabular form given in 
Fig. 6B. Assumed distributions of moments and the resulting errors in the 
geometry of each closed circuit are summarized in Figs. 8(b) and 8(c), re- 
spectively. The resulting errors also were obtained by use of the tabular 
form given in Fig. 6B. The initial set of corrections at the centroid of each 
circuit are given in Fig. 8(d) and the carry-overs are given in Fig. 8(e). 
Other carry-overs not listed in the Fig. are equal to zero. The final set of 
corrections at the centroid of each circuit are given in Fig, 8(f). These were 
obtained by means of the distribution procedure. The final moments and 
shears at the ends of the member were obtained by means of Eqs. 1 to 4 and 
are summarized in Fig. 8(h). 

The results of the preceding example may be used in determining the ef- 
fects of a load of one unit at the top of the right leg of the tower and zero at 
the top of the left leg. This type of loading is of interest in studies of the 
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torsional rigidity of suspension bridge towers and may be the result of un- 
balanced horizontal cable tensions as caused by lateral loads on the bridge 
structure or as caused by unequal vertical loads on the left and right lanes 
of a roadway. For the loading as now considered, the moments about the 
x-axes at the bottoms of the left and right legs respectively are 45.3 and 54.7 
per cent of the total moment at the fixed-end of the tower. The shears along 
the z-axes at the bottoms of the left and right legs respectively are 31.5 and 
68.5 per cent of the total end shear, and the torque about a y-axis at the bot- 
tom of each leg is slightly less than the torque resisted by the end shears in 
both legs. Thus, the horizontal struts “transfer” about 1/3 of the load to the 
left support of the tower, almost equalize the bending moments in both legs, 
and induce a torque in each leg which is about 1/3 of the total torque about 
the central y-axis of the tower. A more complete study of the function and 
behavior of bracing in suspension bridge towers has been made and will be 
reported on later. 

Fig. 9 shows a tower with three vertical legs and a horizontal member 
forming two rectangular circuits. This example differs from the preceding 
example by having more than one circuit in common with the ground. A 
lateral load of one unit is at the top of the right leg. The ratio of bending 
stiffness to torsional stiffness for each member is equal to two. The proper- 
ties of each circuit and the location of each centroid are summarized in 
Fig. 9(a). The assumed distributions of moments are for a structure canti- 
levered from the right support. As in the preceding example, summaries 
are given in Fig. 9 of the initial errors in the geometry of each closed cir- 
cuit, the initial and final sets of corrections at the centroid of each circuit, 
and the carry-over factors involved. The final moments and shears at the 
ends of the member are summarized in Figs, 9(e) and 9(f). 

In the two preceding examples, the members are parallel to the rectangu- 
lar axes and consequently many operations indicated in the general statement 
of the analysis need not be performed. For example, terms which result 
from the dissymmetry in circuits may be omitted. Such terms appear in the 
expressions for the properties of the circuits, of the carry-overs, and of the 
initial errors in the geometry of the circuits. 

Fig. 10 shows a more general case of a structure in which the dissymme- 
try in circuits is taken into account. Such dissymmetry appears in delta- 
wing aircraft and other structures. However, in delta-wing aircraft the tor- 
sional resistance of outer plating is appreciable and may be dealt with 
separately. The tri-angular frame shown in the Fig. is fixed at A, B, and C 
and is loaded at junctions D, E, and F with a lateral load of one unit at each 
junction, In this example, the ratio of bending stiffness to torsional stiffness 
for each member is equal to four and the resulting stiffnesses of the sloping 
members are referred to rectangular axes. As in the preceding examples, 
summaries are given in Fig. 10 of the various steps outlined in the procedure, 
Note that the procedure is the same for structures with irregular circuits as 
for structures with rectangular circuits. The only difference is in the com- 
putation of additional terms involving the dissymmetry in circuits, 

The last numerical example is of a rectangular grillage of beams as shown 
in Fig. 11. The beams form six circuits and support a lateral load of one 
unit at junction D. The ends of the beams are fixed at the supports and the 
ratio of the bending stiffness to torsional stiffness for each beam is two, As 
an aid in assuming the distribution of moments shown in Fig. 11(b), a de- 
flected structure first was drawn and the shear in each member was 
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estimated. Consistent with this estimate and the requirements of geometry 
for each member, the assumed curves of moments then were drawn. No 
initial consideration was given to the torsional resistances of the beams, The 
circuit analysis described herein was used in obtaining the initial errors and 
the final corrections to these errors. The final distribution of moments are 
compared in Fig. 11(b) with the assumed distributions. 

Various shapes of grids and frameworks have been used in numerical pro- 
cedures of analysis as approximations of slabs. Among these shapes are 
hexagons, triangles, and rectangles, squares and other parallelograms. The 
properties of such grids and their relationships to slabs are defined else- 
where.(6) The procedure described herein is applicable in general to such 
grids and frameworks. For use in this procedure, the properties of the 
selected grids, the locations of the centroids, and the values of the carry- 
overs may be obtained from the general expressions given in Figs. 6B and 
7B. Summaries of these properties are given respectively in Figs. 12 and 13 
for rectangular and triangular grids as considered at the center of a slab 
panel. No ambiguity exists, however, concerning the conditions at a boundary. 
An inspection of Fig. 12, for rectangular circuits, shows that Eqs. 13 and 14 
are greatly simplified as many of the carry-overs are zero and several 
carry-overs are equal to each other. As in other numerical procedures, line 
and block operators(9) may be introduced here as an aid in speeding up con- 
vergence of solutions. For example, consider the effect of the simultaneous 
correction, each by the same amount, of the moments, my jc, at the centroids 
of two adjacent circuits. This effect may be obtained by writing separately 
the effects of each correction and then adding them together. The result isa 
line operator. In the same way, consider the effect of the simultaneous cor- 


rection, each by the same amount, of the moments, mxjc, at the centroids of 
a group of circuits which nestle to each other. The latter result is a block 
operator. In addition, it is observed that the requirements of geometry stated 
in Eqs. 5 and 6 are for any other closed circuit or imagined path as well as 
for circuit c. 


General Discussion 


The distribution procedure as outlined on page 13 is one of successive cor- 
rections; that is, the sequence consists of successively correcting the errors 
introduced by the preceding set of corrections. This sequence has the ad- 
vantage of dealing with smaller numbers and of not repeating certain compu- 
tations. However, the procedure may be made one of successive approxima- 
tions in which a correction is added to an approximation and the revised 
answer is treated as a new estimate of physical behavior. The latter pro- 
cedure has the advantage that arithmetical errors are not cumulative and, if 
made, are observable and ultimately eliminated. In addition, if the conver- 
gence is unsatisfactory it may be improved with a little judicious guessing. 

If desired, the procedure may be made one of successive guesses and checks 
until the requirements of geometry are satisfied. 

Readers familiar with the concept of the deflected structure(21) will note 
that the procedure described herein permits a designer to exercise full judg- 
ment in estimating the behavior of a structure. In exercising his judgment 
the designer has statical control and to a large degree, geometrical control. 
Then, if it is warranted, the errors in geometry can be checked and 
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successively corrected by means of the circuit analysis. 

In regard to the speed of convergence which may be involved in the distri- 
bution procedure, the speed of convergence depends on several factors. 
Among these factors are (1) the assumed distributions of moments, (2) the 
shapes and number of circuits involved, (3) the relative stiffness of the vari- 
ous members and circuits, and (4) the degree of precision desired. Ob- 
viously, if the assumed distributions of moments are correct then the con- 
vergence is instantaneous. Convergence is slower if the assumed distribu- 
tions differ from the correct distributions. Convergence also is slower for 
structures with many circuits and for structures in which the torsional 
stiffnesses of the members are small. For the latter cases it is frequently 
desirable to consider corrections in terms of rotations and displacements 
than in terms of moments and shears. 

In the above numerical examples, no difficulties were encountered with 
speed of convergence except for the example of grillage beams. In this ex- 
ample, the series of corrections oscillated about curves which approached 
assymptotically the final answers, The oscillations were made to cease by 
making the procedure one of successive approximations. The trends then 
were so obvious that the final answers could be sensed even before they were 
computed. 

Readers mathematically inclined may wish to interpret the procedure 
based on a circuit analysis as one of solving a series of linear simultaneous 
equations by successive approximation. If desired, the summation of angle 
changes and of angle changes times distances about a closed circuit may be 
stated in terms of line integrals. Also the moments and shears and the ro- 
tations and displacements may be stated in terms of a vector algebra. The 
statical and geometrical relations have been indicated as vectors in the Figs. 
Finally, the equations of geometry may be written in matrix form such as, 


{e} = [z] {i} (16) 


where {e} and {i} are column matrices whose elements are the vari- 
ables e; and i, and where [Z] is a square matrix or the matrix of the 
transformation, Then, if desired the procedure may be programmed for use 
of high-speed computers. 
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CONCLUSIONS 


It has been shown that the column analogy and the shear and torsion analo- 
gy may be extended for use in analyzing structures lying in a plane and hav- 
ing more than a single closed circuit. The distribution procedure based on 
the circuit analysis is complementary to the method of moment distribution. 
In moment distribution the unbalanced moments (and shears for side-sway) 
at the junctions of members are successively corrected or balanced until no 
errors in statics exist. In the circuit analysis the unbalanced rotations and 
displacements at the centroids of circuits are successively corrected or 
balanced until no errors in geometry exist. 
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FATIGUE TESTS OF RIVETED OR BOLTED ALUMINUM ALLOY JOINTS 


M. Holt,! A.M. ASCE, I. D. Eaton,2 and R. B. Matthiesen, ® J.M. ASCE 
(Proc. Paper 1148) 


SYNOPSIS 


Fatigue test results for aluminum-alloy monobloc specimens, butt joints, 
and lap joint indicate that specimens with idle rivets have higher fatigue 
strengths than specimens with open holes; that symmetrical joints have high- 
er fatigue strengths than unsymmetrical joints; and that joints with tightly 
drawn bolts or flush-head rivets have higher fatigue strengths than joints 
with protruding-head rivets. The data presented suggest a manner in which 
current design specifications can be improved. 


INTRODUCTION 


When a structure fails under the action of repeatedly applied loads, the 
fracture generally occurs at a point of stress concentration, such as a hole 
or a sudden change of section. Therefore, ina structure that may be sub- 
jected to a large number of loadings, special consideration should be given 
to the design of joints since these are points of stress concentration. By 

judicious design, the stress concentration in riveted or bolted joints can be 


minimized. 
To obtain data that could be used to formulate rules for the design of y 
riveted joints subjected to repeated loads, Alcoa Research Laboratories has eu 


been engaged in the fatigue testing of joints for many years. This research 
has covered several aluminum alloys, a variety of loading conditions, and 
numerous types of joints. ,Two of the alloys are covered by ASCE structural 
design specifications, 1, viz., (a) alloy 6061-T6, a moderate -strength al- 
loy, and (b) alloy 2014-T6, a high-strength alloy. Since it is felt that design 
concepts formulated from data obtained with joints of one alloy can be applied 


Note: Discussion open until June 1, 1957. Paper 1148 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
83, No. ST 1, January, 1957. 


1. Asst. Chief, Eng. Design Div., Alcoa Research Labs., New Kensington, Pa. 
2. Alcoa Research Labs., New Kensington, Pa. 

3. Research Engr., Design Div., Alcoa Research Labs., New Kensington, Pa. 
4. Numbers in parentheses indicate references at the end of the paper. 
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to joints of other alloys, data from tests of several types of riveted joints in 
alloy 2017-T4 are also presented. 


Materials and Specimens 


The tensile properties of the materials from which the specimens were 
prepared are summarized in Table 1. These properties were determined in 
accordance with standard ASTM (E8) procedures, and are above the minimum 
specified values for each material. Generally, the specimens were made 
from 1-in. by 7-1/2-in. rolled rectangular bar machined to the desired thick - 
ness. The strap plates of the butt joints were rolled plates with machined 
edges. 

The various types of specimens used in these tests may be classified in 
four groups: (a) monobloc specimens (i.e., plain plates with uninterrupted 
test section, plates with open holes, or plates with idle rivets that do not 
transfer load), (b) double-strap butt joints, (c) lap joints, and (d) single-strap 
butt joints. Detailed drawings of the specimens tested are shown in Fig. 1. 
The monobloc specimens were tested to show the relative effects of simple 
stress raisers. 

In specimens of 2014-T6 material, cold-driven 2117-T3 rivets were used. 
The fasteners in the 6061-T6 specimens were cold-driven 6061-T6 rivets, 
hot-driven 6061-T43 rivets, or high-tensile steel bolts. In the 2017-T4 speci- 
mens, cold-driven 2017-T31 rivets, hot-driven 2017-T41 rivets, or 2017-T4 
bolts were used. In each case, the rivets were driven by standard practices 
using the recommended hole sizes given in Reference 3. In joints with flush- 
head rivets, the 1/4-in. thick plates were countersunk to a depth of 7/ 32 in. 
with a 60° countersink, and the driven-head filled the countersink. The 5/8- 
in. diameter high-tensile steel bolts used in some of the 6061-T6 specimens 
were of the standard aircraft type with standard aircraft-type steel washers. 
The holes were drilled to 1/16-in. clearance, and a torque wrench was used 
to tighten the bolts to a torque of 1200 in.-lb. When 2017-T4 bolts were used 
in 2017-T4 specimens, the holes were reamed to size with just enough clear - 
ance so that the bolts could be inserted easily. Aluminum alloy washers 
were used, and the 5/8-in. diameter 2017-T4 bolts were tightened to a torque 
of 610 in.—lb. 


Method of Testing 


Static tests were made in a 300-kip capacity Amsler hydraulic testing ma- 
chine using the 100-kip range. Periodic calibrations of this machine have 
shown that it meets the ASTM and government requirements for accuracy. 

The direct-stress fatigue tests were made in Alcoa Research Laboratories’ 
structural fatigue testing machines as shown in Fig. 2. These machines are 
described in detail in Reference 4. The loading cycle can be adjusted to any 
combination of tensile and compressive loads within the capacity of the ma- 
chines (50 kips). The machines have been calibrated both statically and 
dynamically, and the fatigue data reported herein have been corrected to ac- 
count for the inertia effects of the moving parts. Each machine has an auto- 
matic shut-off switch which was set so that a load change of less than 0.6 kip 
would stop the machine. A fatigue test was considered to be complete when 
the specimen could no longer maintain the applied load, a circumstance that 
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was accompanied by a visible fracture of the specimen. Some tests were 
stopped after about 25 million cycles of loading even though no fracture had 
occurred. 
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Results 


Monobloc Specimens 


The results of the static tests and the fatigue tests at zero stress ratio? of 
the monobloc specimens are plotted in Figs. 3, 4, and 5 for alloys 6061-T6, 
2014-T6, and 2017-T4, respectively. When based on the minimum net area, 
the static tensile strengths of the 6061-T6 and 2014-T6 monobloc specimens 


(types OX, GX, and K) are equal to or slightly greater than the tensile 


strengths of the alloys as listed in Table 1. No static tests were made with 
2017-T4 specimens. 

The results of direct-stress fatigue tests of 0.20-in. diameter specimens 
taken from one lot of rolled bar of each alloy have been included in Figs. 3, 
4, and 5 for comparison with the results for the larger specimens of rectangu- 
lar cross section. In each case, the plain-plate monobloc specimens appear 
to have lower fatigue strengths than the 0.20-in. diameter specimens. Be- 
cause of the differences in surface finish, the plate-type specimens with as- 
machined surfaces should probably be expected to have lower fatigue 
strengths than the 0.20-in. diameter specimens with polished surfaces. 

In Fig. 3, it can be seen that the fatigue strength of a 6061-T6 type K 
specimen with four open holes is higher than that of a type GX specimen with 


a single open hole. This difference can be attributed to the fact that the 


stress concentration in the type GX specimen is greater than that of the type 
K specimen. It is interesting to note that when this comparison of fatigue 
strength is based on gross area rather than net area, the fatigue strengths 


are almost identical. 


In Fig. 3, for fatigue lives up to 2 x 106 cycles, the type K specimen with 
four idle rivets developed higher fatigue strengths than the type K specimen 
with four open holes. In Fig. 4, the fatigue strength of the 2014-T6 type K 
specimen with four idle rivets can be seen to be almost equal to that of the 


plain-plate specimen. Furthermore, for all three alloys, the type GX speci- 


men with a single open hole has the lowest fatigue strength of any of the 
monobloc specimens. Thus, in general, the fatigue strengths of specimens 
with well-driven idle rivets are greater than those of specimens with open 
holes. 


Riveted Joints with Symmetrical or Unsymmetrical Geometry 


The results of the static tests and the fatigue tests at zero stress ratio of 
the type M® or M-1 double strap butt joint and the type C lap joint are plotted 


5. The stress ratio is defined as the ratio of thealgebraic minimum stress in 
a cycle to the maximum stress, a compressive stress being negative in the 
sign. Thus a zero stress ratio means that the load in each cycle varied 
from zero to tension. 

6. The type M joint is similar to the type M-1 joint except that the cover plates 
in the type M joint are 1/8-in. thick rather than 3/ 16-in. thick as in the 
type M-1 joint. 
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in Figs. 6, 7, and 8 for alloys 6061-T6, 2014-T6, and 2017-T4, respectively. 
When tested statically, the 6061-T6 double-strap butt joint failed by tension 
and tearing of the main plates at a stress equal to the strength of the ma- 
terial; the 6061-T6 lap joint failed by shearing the rivets. Both the 2014-T6 
butt joint and lap joint failed by shearing the rivets. When the rivet shear 
strength is adjusted for the ratio of rivet diameter to plate thickness, it is 
found that the shear strengths developed by the rivets in these joints compare 
favorably with published values of static shear strength. (3) 

Comparison of the results for the type M or M-1 double-strap butt joints 
and the type C lap joints shows a significant difference in the fatigue strengths 
of these joints: the symmetrical double-strap butt joint having considerably 
higher fatigue strengths than the unsymmetrical single-shear lap joint, even 
though the fatigue failures occurred in the plate material in both types of 
specimens. In all probability, the fatigue strengths of the lap joint are less 
than those of the butt joint because of the flexing of the plates that results 
from the unsymmetrical geometry of the lap joint. For a given load, the peak 
stress on the unsymmetrical joint is higher than that on the symmetrical joint 
even though net areas are identical. 

The results for the type CX lap joint and type CY single-strap butt joint of 
alloy 2017-T4 are plotted in Fig. 8 with those for the type C lap joint. The 
fatigue strengths of the type CY single-strap butt joint can be seen to be less 
than that of the type C lap joint. This difference may be attributed to the fact 
that the line of action of the load lies in the plane of the interface between the 
two plates in the type C specimen, whereas the line of action lies in the 
centroidal plane of the main plates of the type CY specimen. Thus, the ec- 
centricity of loading in the cover plate of the type CY specimen is greater 
than that in the plates of the type C specimen. All of the type CY specimens 
failed in the cover plates which were of the same thickness as the main 
plates. The type CX lap joint is similar to the type C lap joint, except that 
one of the plates in the type CX joint is 1/2 in. thick rather than both plates 
being 1/4 in. thick. Because of the 1/2-in. thick plate, the type CX joint has 
greater stiffness against the flexing caused by the unsymmetrical geometry 
of the joint than does the type C specimen. The higher fatigue strengths of 
the type CX specimen compared to that of the type C specimen is att ributed 
to this greater stiffness. 

The results of tests of type B, E, and H lap joints which have one, two, and 
three rows of rivets, respectively, are plotted in Fig. 9. At long fatigue 
lives, the increase in fatigue strength with an increase in the number of rows 
of rivets probably results from the increase in width of lap and consequently 
greater stiffness against flexing. 


Joints with Different Types of Fasteners 


Figs. 6, 8, and 9 also show that there is little or no difference in the fa- 
tigue strengths of joints with either hot-driven or cold-driven aluminum- 
alloy rivets with protruding heads. In Figs. 10 and 11, the fatigue strengths 
of the types M, M-1, M-2 or C joints with protruding-head rivets, flush-head 
rivets, or bolts are plotted for 6061-T6 and 2017-T4 specimens, respectively. 
The plotted results for the 6061-T6 type M-2 butt joint with protruding -head 
rivets and 1/4-in. thick cover plates agree well with the curve for the type 
M-1 butt joint with 3/16-in. thick cover plates and protruding -head rivets, 
as might be expected. The 6061-T6 type M-1 and 2017-T4 type M butt joints 


Ba 
| 
4 
4 
{ 7 
= 
ih 
i 
. 
a | 
a a 
ait 
= 
ila 
ip 
A 
a 


9 
SLNIOf GNV I-W SAadAL 


S319A9 


JILVLS 


HOLT, et al. 


SimiOf 40 STIVL30 BOs 1° 914 33S 


SIAVIIONI 


10N G10 o 
SL3AIN 91-1909 N3AINO-0109 WOWINIW 


d¥1 3dAL 


SL3AIN 91-1909 
LAN@ I-W 3dAL 
91-1909 NIAINO-0709 
LAMB I-W 


Olive SS3uis 


z 
x 
= 
= 
4 
m 
z 
m 
4 
m 
2 
m 
m 
o 
z 


‘( 


is» 


6s ASCE 1148-11 

hoe 
al 

© 
° 
: 
4 
9 ° 
fs 
/ 
4 
He =< 
- 
ie 
Hie 
tz 
| 
3 


SLNIOfF GNV I-W S3dAL 
91-vlO2 SLINSSY INDILVS 


4 
02 
n Ov 
SOV3H 
HLIM NI-"/e TIV * Olive SS3uis 
SANIOf 4O STIVL30 HOS 33S 
SILVIIONI 
LON 10 os 
SABAIM 
“ANIOf d¥1 9 3dAL 
: 
4 ee) 00! 


ism ‘(%) NOILD3S NO SS3¥1S 


ta anuary, 1957 
| 
| 
A 
| 
i 
| 
1% f 
| : 
| 
4 
13 


8 
SLNIOf AD ONV ‘D9 ‘W S3dAL 
bi-2Z102 SLINSSY LS3L -193NI0 


S319A9 


JILVLS 


SiNiof AD ONV 

S3dAL NI BHL 
OL SS3BIS 


Saniofr 30 SVIVL30 BOS 39S 


LON O10 


ANIOF LAMB AD 40 

ANIOf KD 3dAL 

SABAIM 11-2102 

ANIOf BdAL 


1€4-2102 
ANIOf 
ANIOF W SS3¥1S 


1€4-L4102 SS3¥1S AWOWINIW 
W 


* Olive SsS3uis 


( 


a 
‘> 
ASCE HOLT, et al. 1148-13 
2 
| 
- tl 
4 
| [> 
i 
= 
/ / / 
x 
/ / + 
i 
4 
ay 
7 
Nn 
° 
if = 
re) wo ¢ N 
a 
> 
ne 
: 


5 6 ‘914 
SLNIOf G3L3ZAIN H ONV 3 ‘8 S3dAL 
3 bi-2LIOZ2 SLINSSY LS3L -1L939NI0 


JILVLS 


201 


ANIOF @ NI 
40 
OL 


02 


ANIO? 3 3dAL NI 
40 BY3HS 
OL 
Ov 
SANIOF 40 33S 09 
S3LVDION S bavie 
10N G10 
SABAIM NBAING-07109 
amor 4 O 
NBAING-0709 os 
N3BAINO-0709 
d¥7 @ 3dAL A 
' 
ool 
= 


NOILI3S L3N NO SS3¥1S JTISN3L WOWIXVW 


ism *(%) 


f 
: 
| E 
P | 
; 
| 
a 
| 
af 
[= 4 
| 
| 


Ol 
SY3N3LSV4 4O S3dAL HLIM SINIOF GNV 2-W ‘I-W S3dAL 
91-1909 SLINSSY L1S31 


$319A9 
50! 


9°9'13 WONS 
91-1909 HLIM 
ANIOF 9 3BdAL 


QV3H-ONIGNYLONd 91-1909 HLIM 


709 N3AINO 91-1909 
SAniofr 30 33S: 


Slivs SILVIIONI 

Jivs GIG 

SL3AIM 

91-1909 ‘ANIOF d¥1 9 3dAL 
1391S 
LAN® I-W 3dAL 

91-1909 ‘ANIOF 2-W 3dAL 


SS3¥LS 
91-1909 ‘LNIOT LING 2-W 3dAL WOWININ * Olave SSauis 


ASCE HOLT, et al. 1148-15 
| 
in 
| 
A —- 3 
i q 
/ 
te 
an Boe 
4 
/ a 
| 
a 4 
° ° ° ° ° q 
@ © = 24 
B ‘(%) 13N NO 37ISN3L WNWIXYW 
a 
ie 
| 
1 


ST 1 


' 
fo} 
~ 


SY3N3L1SV4 S3dAL HLIM SINIOL OGNV W S3dAL 


SLTAIW 
4102 HAIM ANIOF 3dAL BOS 


02 


ANIOf 3dAL NI 
40 
OL 
SANIOF W 3dAL JBAUND 


Ov 


o9 


40 
JTISN3L 


10N G10 
wi-L102 
44N8 W AadAL O 


os 


SS3¥1S 


‘(%) NOILD3S NO 3TISN3L WAWIXYAN 


4 
| 
+ January, 1957 
4 
| 
q 
/ 
4 
/ / 
aig 
4 
/ 
| q 
3 
i 
if 


ASCE HOLT, et al. 1148-17 
with tightly drawn bolts and the 6061-T6 type M-2 butt joints with flush-head 


rivets, but the plotted results for the type C joints with flush-head rivets or 
bolts agree well with the curves for similar joints with protruding-head 
rivets. On the other hand, test results reported in Reference 5 indicate that 
joints in which the manufactured-head of the rivets were countersunk had 
lower fatigue strengths than joints in which the driven-head was countersunk, 
some of the former having lower fatigue strengths than joints with protruding- 
head rivets. 


Butt Joint Tested at Several Stress Ratios 


In Figs. 12 and 13, the results of fatigue tests at several values of stress 
ratio are plotted for the type M-1 butt joints of alloys 6061-T6 and 2014-T6, 
respectively. The tensile stresses in a cycle in which the compressive 
stress is equal to the buckling strength of the specimen are shown in these 
figures for stress ratios of -1 and -2. The buckling strength of a 6061-T6 
specimen was determined in atest. From this buckling strength, a value for 
the effective slenderness ratio of the type M-1 specimen was deduced; this 
vaiue was then used to determine the stress corresponding to the buckling 
strength of the 2014-T6 specimen. 

Based on the smooth curves drawn through the data points in Figs. 12 and 
13, diagrams of stress vs stress-ratio are plotted in Figs. 14 and 15 for the 
type M-1 joints of alloys 6061-T6 and 2014-T6, respectively. The diagrams 
of Figs. 14 and 15 are similar to diagrams in section H-4 of the ASCE design 
specifications. (1,2) To compare the curves in Figs. 14 and 15 with those 
from the respective specification, the curves from the specifications have 
been raised by a factor of 1.2 (the factor of safety used in developing section 
H-4 of the specifications) and plotted as dotted lines in Figs. 14 and 15. The 
two sets of diagrams are in close agreement. 


Butt Joints with Multiple Rows of Rivets 


The results for the 6061-T6 type X butt joint with three rows of 3/8-in. 
diameter rivets on each side of the joint are plotted in Fig. 16 along with the 
curve for the type M-1 butt joint. The type X joint was designed for a bal- 
ance between the static shear strength of the rivets and the tensile strength 
of the plate. The static gross-area efficiency of the type X joint (76 per cent) 
is higher than that of thetype M-1 joint (68 per cent). The fatigue strengths 
of the type X specimens, in terms of stress on the net-section, can be seen to 
be less than that of the type M-1 joint. This difference can be attributed to 
the fact that in the type X joint the stress concentration in the main plates at 
the outer row of rivets is greater than that in the type M-1 joint.” If the re- 
sults were compared on the basis of the stress on the gross section, no sig- 
nificant differences in fatigue strength would be noted for these two types of 
joint. 

In Fig. 17, the plotted points for the 2017-T4 type L-1 butt joint with the 
two rows of 5/8-in. diameter rivets on each side of the joint are in agree- 
ment with the curve for the type M joint with only one row of 5/8-in. 
diameter rivets. Both of these joints would fail by tensile fracture of the 


7. The stress-concentration factors were developed from principles given in 
Reference 6. 


rivets have higher fatigue strengths than similar joints with protruding-head _ 
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main plates if tested statically. Thus, it can be seen that in butt joints with 
adequate shear and bearing strength, there is no increase in fatigue strength 
with an increase in the number of rows of rivets. 

The results for the type M joint with one row of 5/8-in. diameter rivets, 
for the type L-1 joint with two rows of 1/2-in. diameter rivets, and for the 
type W-1 joint with three rows of 3/8-in. diameter rivets are shown in Fig. 
18. All three joints would fail in tension if tested statically. It can be seen 
that the fatigue strength of the type W-1 joint is less than that of either the 
type L-1 or type M joint, but that there is no significant difference between 
the plotted results for the type L-1 joint and the curve for the type M joint. 
The lower fatigue strength of the type W-1 joint with 3/8-in. diameter rivets 
is attributed to the fact that there is a significantly higher stress concentra- 
tion in this joint than in the other two joints; the stress concentration in the 
type L-1 joint is only slightly higher than that in the type M joint. Since the 
net cross-sectional area of the type L-1 joint with 1/2-in. diameter rivets 
is greater than that of the type M joint with 5/8-in. diameter rivets, the 
load-carrying capacity of the former is greater than that of the latter. 

It should be pointed out that if a joint with multiple rows of widely spaced 
rivets (such as the types X and W-1 joints) in which the gage is about 5 times 
the rivet diameter) were designed in accordance with the ASCE specifications, 
the rules of which are based on the results for the type M-1 joint, the fatigue 
life of the joint would be less than that indicated by the specifications. The 
differences in the stress concentrations in joints with different rivet spacings 
should be taken into account in design specifications as discussed in the next 
section. 


Fatigue Strength Reduction Factors and Design Procedures 


Fatigue -strength-reduction factors for all of the specimens tested are 
listed in Table 2. These factors are the ratios of the fatigue strengths of the 
material as determined on the 0.20-in. diameter specimens to those of the 
joints for the same number of cycles to failure. In general, the reduction 
factors are greatest at the higher numbers of cycles, where the average 
stresses are in the elastic-stress range; they approach unity at the lower 
numbers of cycles, where the average stresses are above the elastic-stress 
range. 

Stress-concentration factors for the monobloc specimens and the double- 
strap butt joints were obtained from References 6 and 7 and are also listed 
in Table 2. A general correlation between the stress-concentration factors 
and the fatigue-strength-reduction factors at 107 cycles can be noted. This 
correlation suggests that, in design specifications, such as those of ASCE, 
the allowable fatigue stress for a joint with a stress-concentration factor 
greater than 2.4 (the value for the type M-1 joint) should be obtained by re- 
ducing the value of allowable fatigue stress derived from curves for the type 
M-1 joint by the ratio of 2.4 to the stress-concentration factor of the joint. 

This scheme should make satisfactory allowance for various types of 
joints for lives greater than about 105 cycles. Since the ASCE specifications 
do not require any reduction from the basic design stress unless a number of 
cycles of load greater than 109 is expected, this scheme should be a satis- 
factory modification for these specifications. If this scheme were used at 
lower numbers of cycles, the values of allowable stress would be less than 
might be justified by the test results, and this difference would increase as 
the number of cycles decreased. 
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CONCLUSIONS 


The data and discussion presented in this paper support the following con- 
clusions: 


(1) The fatigue strength of specimens with well-driven idle rivets is gen- 
erally greater than that of specimens with open holes. 

(2) Because of their unsymmetrical geometry, lap joints or single-strap 
butt joints have lower fatigue strengths than double-strap butt joints. In- 
creasing the stiffness against flexing increases the fatigue strength of un- 
symmetrical joints. 

(3) Joints with hot-driven or cold-driven aluminum alloy rivets have about 
the same fatigue strength. 

(4) Butt joints with tightly drawn bolts or with flush-head rivets have 
higher fatigue strengths than similar joints with protruding -head rivets. 
There is no difference between the fatigue strength of a lap joint with pro- 
truding -head rivets and that of a similar joint with bolts or flush-head rivets. 

(5) The correlation between the fatigue-strength-reduction factors at 107 
cycles and the stress-concentration factors suggests that in the ASCE speci- 
fications the allowable fatigue strength for a joint with a stress-concentration 
factor greater than 2.4 (the value for the type M-1 joint) should be obtained 
by multiplying the value obtained from curves for the type M-1 joint by the 
ratio of 2.4 to the stress-concentration factor for the joint. 
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SHEARING STRENGTH OF REINFORCED CONCRETE SLABS 


Nan-Sze Sih,* A.M. ASCE 
(Proc. Paper 1149) 


SYNOPSIS 


Based on the evaluation of the tests made by Richarts, (1,2) and Elstner 
and Hognestad, (3) criteria for ultimate shearing strength of reinforced con- 
crete slabs and footings subjected to concentrated loads are proposed. 

The shearing stress computed at a section similar to that designated by 
Talbot (4) may be used as a measure of the shearing strength of the slab. 
This shearing strength is found to be proportional to the actual flexural 
stress in the slab and the concrete strength f,. Also, under certain condi- 
tions this shearing strength may be considered as a function of f, only. This 
last criterion is similar to that adopted by the ACI code in computing the 
shearing strength of slabs, footings, and beams. However, the ACI code does 
not specify the conditions under which this criterion is applicable. 


Notation 


The letter symbols used herein follow the usual practice or, where differ - 
ent from accepted usage, will be defined where first used in the text. 


INTRODUCTION 


The problem under study is one which can not be treated practically by 
rational analysis, since the stress distribution in the compression zone of 
concrete, of which the shearing strength is a function, cannot readily be de- 
termined. 

In the design of a concrete member, especially slabs and footings where 
the use of web reinforcement is not practical, it seems more desirable to 
prevent shear failure than to balance the design for moment failure. 

Since the shearing strength of concrete depends on its normal stress, it 


Note: Discussion open until June 1, 1957. Paper 1149 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineering, Vol. 
83, No. ST 1, January, 1957. 


*Structural Eng., Whitestone, N.Y. 
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follows that the shearing strength for a concrete member at a section where 
moment is present will be different from that at a section where there is no 
moment. The criterion for shearing strength will also be different for a sec- 
tion under shear and flexure than for one under shear alone. The study pre- 
sented herein covers the case of combined shear and flexure. 

By a systematic analysis of the tests noted in the references, certain cri- 
teria are reached to determine the shearing strength of the slab, and it is be- 
lieved that similar criteria may be used for a concrete beam in shear. 


Richart’s Slab Tests 


Rectangular Slab Tests 


Tests were made on two rectangular slabs simply supported on two sides 
with a concentrated load applied through a loading disk at various positions 
of the slab. All final failures were caused by the loading disk punching 
through the slab. Steel reinforcement under the loading disk generally 
reached yield point at the time of failure. 

A summary of the results of the ultimate loads and details of the slab are 
shown in Fig. 1. 

The results of these tests suggest that shear failure is rather a local con- 
dition. 


Square Slab Tests 


The purpose of these tests was primarily to determine the influence of the 
size and shape of loading area on the ultimate load in shear. All tests were 
made on square slabs of the same size and detail, simply supported on two 
sides. A concentrated load was applied at the center of the slab. The size 
of the loading disk varied in diameters from two inches to fourteen inches. 
As in the rectangular slab tests, all final failures were due to punching shear, 
after the steel under the loading disk had reached the yield point. However, 
the fourteen inch disk exhibited a slight concrete spalling along the center 
line of the slab at the time of shear failure. 

The results of these tests are shown in Fig. 2, where P is plotted against 
the diameter of the loading disk. 

From Fig. 2 we may assume the following relationship between the ulti- 
mate shearing strength and size of the loading area: 


Where b is a linear dimension representing the size of the loading area, 
and Ch is a constant. 

When this relation is applied to the results of the rectangular slab tests 
using c, = 3, a fairly close agreement between the results of the two-inch and 
six inch disks is obtained. 

As indicated by the fourteen-inch disk test, there seems to exist an upper 
limit on the ratio of size of loading area to size of slab where compression 
failure may precede shear failure. 

It will be shown later that (1 + cp d/b)b represents the area of the base of 
the concrete cone that was pushed out from the slab. 

RichartP®3 aiso has shown that the loads required to produce yield point 
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stress in the steel under the loading disks, as computed from the theoretical 
momentsP®” based on a Poisson’s ratio of 0.15 and using conventional con- 


crete theory for steel stress, were in fair agreement with measured values. 
Also, the test results show that the ultimate load in shear is approximately 
proportional to the yield point load. Hence, a second relation may be 
assumed, 


pfiy, d 
Pult. © — (2) 


Where mp is the moment per unit width of the slab at the loading area due 


Elstner and Hognestad Slab Tests 


This series of tests was made with slabs six feet square, having a total 
thickness of six inches and an effective depth of 4.5 or 4.63 inches. All slabs 
were simply supported on four sides, and had equal reinforcement in the two 
perpendicular directions. A concentrated load was applied at the center of 
the slab through a ten-inch square column stub, with a few tests made witha 
fourteen-inch square column stub. All slabs tested failed by punching shear, 
the steel reinforcement not in general reaching yield point at failure, and 
with few slabs showing signs of compression failure. 

The results of the tests made with the fourteen-inch column stub were 
proportionally smaller than the results with the ten-inch column stub. This 
seems to be similar to the fourteen-inch column stub tested by Richart. 
Since there are not sufficient data in this respect, the results of Richart’s 
are not used in the analysis. 

The results of tests by Elstner and Hognestad are shown in Fig. 3, where 
the designated unit stress P/db (1 +cp d/b) is plotted against pf p d/m, 
since d, b, and mo are practically the same for all the slabs, hence, Fig. 3 
actually indicates the relationship between Pj; and the total steel stress 
pfy, d. If the steel stress did not reach the yield point, then the actual loca- 
tion of the test point on the curve should be between the theoretical position 
shown on the curve and the nearest point of the smallest value of Pfyp d 
when the steel reaches yield point at failure. 

The following proposition may be derived from Fig. 3: 


(1) The ultimate load in shear is proportional to the total steel stress 
Pfyp d, if the steel stress under the concentrated load reaches yield point at 
shear failure. 

(2) The ultimate load in shear is practically independent of pf,,. d, when 
the steel reinforcement is greater than the maximum value of pfy, d. In 
practically all cases, the steel stress under the concentrated load did not 
reach yield point at failure. 

(3) The ultimate shearing strength of the slab is proportional to the con- 


crete strength fj. 


The first proposition is equivalent to saying that the shearing strength of 
the slab is proportional to the compressive stress in the compression zone 
of concrete, since the total compressive force in the compression zone is 
proportional to the total tensile force in the steel reinforcement. 

The second proposition states that, where the slab failed before the steel 
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had reached the yield point, the concrete had already reached its ultimate 
strength. 


As shown in Fig. 3, the ultimate shearing strength increases with increas- 
ing concrete strength fj, but it is not in direct proportion to f, as conven- 
tionally assumed. Besides, when the total steel stress pf p 4 is small, the 
difference between high strength concrete and low strength concrete is not 
significant, which is contradictory to the conventional assumption. It also 
indicates to some extent why designs made with high strength concrete show 
more reserve strength. 

Fig. 3 is fairly approximate. However, it does show certain relationships, 
qualitatively. The relationships between the maximum designated shearing 
stress P/bd (1+cp d/b), the maximum value of Piyp d and the concrete 
strength f, are shown in Fig. 4 and Fig. 5. 

When a slab has a high percentage of reinforcement, or a certain shear 
and moment ratio such that it falls in a region where the shearing strength is 
practically independent of the actual total reinforcement stress, then it seems 
that the results shown in Fig. 4 are all that are needed to determine the 
shearing strength of sucha slab. This is possibly one explanation of the 
present ACI code, which is based mainly upon Talbot’s Tests. (4) 

The proportions of the footings tested by Talbot seem to be such as to 
cause shear and compression failure. Steel stresses were either not quite 
past yield point stress or did not reach yield point at all. 


Richart’s Footing Tests 


The footing tests were made with seven foot square slabs supported on a 
bed of car springs and reinforced with equal amounts of reinforcement in the 
two directions. The effective depth of the footings varied from eight to six- 
teen inches, with the fourteen inch depth comprising the major part of the 
tests. Concentrated loads were applied at the center of the footings through 
a fourteen-inch square column stub. 

Like the slab tests, all the footings failed with the column stub punching 
through the slab, taking out a section of concrete which was roughly a 
frustum of a cone, having its small base equal to the area of the loading col- 
um stub, and flaring out to meet the plane of the reinforcing steel. 

The actual load that causes shear failure of the footing is equal to the dif- 
ference between the spring reactions under the footing, and the spring reac- 
tions under the base of the cone. There did not seem to be sufficient data in 
the test report to permit any accurate evaluation of this load. Hence, the 
following assumptions are made in order to make a qualitative study. First, 
assume the spring reaction are uniform. Second, assume that the area of 
the base of the cone may be approximated by a circular area with a diameter 
of (b +Cp d); where b is the side dimension of the column stub, d is the ef- 
fective depth of the footing, and cp is a constant. It will be shown later that 
this constant may have the same meaning as that used in equation (1). Also, 
with all other conditions approximately the same, assume that c, varies in- 
versely with the depth of the footing, and take the following values for the 
present study: 


d 6 10 12 14 16 
Ch 2.5 2.25 2 1.75 1.75 
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Based on the above assumptions, the results of the tests made with the 
fourteen-inch column stub are shown in Fig. 6 and Fig. 7. 
As shown in Fig. 6 and 7 the results of the footing tests seem to agree 


fairly well qualitatively with the slab tests shown in Fig. 3. 


In order to find a relationship between the depth of the footing and the 


shearing strength of the footing, assume that the footings in the flat part of 


the curve reach a constant ultimate shearing strength. Then we may use 
those footings of different depths in that region of constant strength, in most 
of which steel stress did not reach yield point, to find the influence of the 


depth. 


Table I gives some of the typical results from the tests. From this table 
we may draw the conclusion that the shearing strength of the footing is direct- 


202a 2385 
b 2180 
204a 2580 
b 2540 
ave. 2420 
203a 2630 
205a 2260 
b 2405 
ave. 2430 


ly proportional to the depth of the footing. 


Put. 


Table I 


1.00 0.61 
1.00 62.4 34C 36.5 0.81 
1 0-81 


0.694 62.4 419 38 0.80 
0.694 62.4 400 36 0.80 
1.032 62.4 400 36 0.80 
1.032 62.4 400 38 0.80 
0.863 62.4 405 38 0.60 
0.510 62.4 420 38.5 0.79 
0.746 62.4 460 38.5 0.79 
0.748 62.4 460 36.5 0.79 
0.670 62.4 447 38.5 0.79 


520 0.75 
0.560 62.4 610 42 0.75 
565 42 0.75 


General Criterion for the Ultimate Shearing Strength 


325 


355 


425 


27 


25.5 


26.5 


From the basic relationships expressed by equations (1), (2), and (3), and 


(3) 


the propositions derived from the slab and footing tests, the following criteria 
for the ultimate shearing strength of a slab subjected to a concentrated load 


are proposed: 


P. Pfyp d 
1. ult. = 
+c, d7b) 


pfy, d d 
when < ( ) max. 
Mo Mo 


(4) 


q 
| 
= 
psi in. % psi kip in. kip 
201e 2660 10 
b 2665 10 
ave. 2660 10 260 
12 
12 
12 
14 
14 8 
206a 2920 16 
b 2680 16 
ave. 2200 16 
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2. + cy, Co (5) 


pf, d pfy, d 
when > max. 
Mo Mo 


where c and Cc, may be considered as functions of fo only. While the 
actual proportionality does not seem to follow any simple rule, calculated re- 
sults will fit the test curves with reasonable accuracy. 

From a physical view point, the above criterion can be derived by consid- 
ering the concrete cone that punched out from the slab as shown in Fig. 8. 


T=(b+cp)d)7 Plyp d 


C T or C (b+cpd). pf, d 


yp 
since, V ~ C and P=V 

hence, P © C 

or P (b + Ch d)m pfyp d 


also Po 


from (a) and (b) gives: 


P 
bd(1 + cp a/b) Mo 


which is the same as given by equation (4) or (5) 


Comparison with ACI Code 


The ultimate shearing stress shown in Fig. 4 will be compared with the 
allowable shearing stress in the ACI code. 
ACI Code 4(b+c,d) = 4(10+2x4.5) = 4 x 19 = 76 
Slab Test 7(b+cp d) = 7(10+3 x 4.5) = 7 23.5 = 74 
Neglect the difference in the calculated unit stress. 
Values shown in Fig. 4 must be divided by 7 to get the actual designated 


ultimate shearing stress. Table 2 gives a comparison of the factors of 
safety. 


Table 2 


Factor of Safety 


4.00 
3.23 
2.75 
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Hence, from the ACI Code the actual factor of safety decreases with in- 
creasing fj. Also, if the design should be controlled by criterion one given 
by equation (4), then in general the ACI Code will give a lower factor of 
safety than those given by Table 2. 


CONCLUSIONS 


1. Shear failure of a slab is a local condition, while shearing strength may 
not be a local condition. 

2. There may exist criteria for the proportioning of the column and slab di- 
mensions, as well as the shear and moment ratio, such that concrete com- 
pression failure may control rather than shear failure. 

3. The shearing strength of a slab in terms of a designated unit stress may 
be calculated by equations (4) and (5). 

4. In general, the present ACI Code requirements for shear strength do not 
provide a consistent factor of safety. 

5. The present criteria on shear strength of slab given by equations (4) and 
(5) are not applicable to the case where moment is negligible. 

6. Although the findings of the slab tests and footing tests agree fairly well 
qualitatively, it is difficult to compare the test results quantitatively be- 
cause of the difference in support conditions. 


The second criterion in the present finding seems similar to Talbot’s cri- 
terion, and is used in the ACI Code. The first criterion seems to be similar 
to some of the recent findings in beam shear, where shear and moment ratio 
is introduced as a variable. 

It is believed that if only the avoidance of shear failure is required, some 
simple criteria could and should be established. 

Further research in this field is necessary to verify the different criteria, 
and to determine the required coefficients. 
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BEHAVIOR OF RIVETED CONNECTIONS IN TRUSS-TYPE MEMBERS 
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(Proc. Paper 1150) 


SYNOPSIS 


The tests reported herein were performed to provide information on the 
general behavior of large truss-type riveted steel connections. The vari- 
ables of the test program included specimen configuration, method of hole 
preparation, and size of rivets. A study is made of the comparative behavior 
of the specimens, the distribution of load to the gusset plates, the strains in 
the lacing bars, the effect of hole preparation, and the predicted and com- 
puted efficiencies of the connections. 


INTRODUCTION 


Research on riveted joints has been conducted for more than a century; 
nevertheless, many of the problems investigated have never been completely 
answered. The emphasis of past research has been on flat plate joints, 
probably reflecting largely the past, but declining, importance of riveted 
joints in vessels, tanks, and boilers. In the last half century, the use of long- 
span bridges and the construction of many tall buildings have brought large 
built-up members to new importance. Yet, a review of the literature(1) 
yields little data on tension tests of full-size truss-type members, although a 
small number of studies have been made on gusset plates, columns, and 
some few related structural components such as angles, lug angles, tie plates, 
etc. Generally, these latter tests were limited in scope and involved but few 
specimens. Since 1945, occasional tests of large tension members have been 
made; however, they included only several specimens of similar size and 
shape, and often were limited to or principally concerned with the behavior 
of the recently developed high-strength bolts. 


Note: Discussion open until June 1, 1957. Paper 1150 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
83, No. ST 1, January, 1957. 


. Research Associate in Civ. Eng., Univ. of Illinois, Urbana, Ill. 
. Research Prof. of Civ. Eng., Univ. of Illinois, Urbana, Ill. 
. Numbers in parentheses indicate reference number in the Bibliography. 
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Flat plate joints are sometimes referred to as ‘single plane members.” 
That is, members in which the loads on the fasteners are applied in one plane; 
or, in the case of double lap joints, the loads on the fasteners are applied in 
two planes separated only by one or more thicknesses of material, a distance 
which is usually small relative to the width of the joint. In contrast to single 
plane members, we may describe many large truss members in general use 
today as “double plane members.” That is, members in which the loads are 
applied through gussets in two planes separated by a distance which is often 
equal to or exceeds the width of the joint. 

The purpose of this investigation was to examine the behavior, up to fail- 
ure, of full-size truss-type members subjected to static tensile loads. Since 
the specimens were tested in duplicate, the sixteen specimens tested repre- 
sent eight variations. These variations include five distinct specimen pat- 
terns for which the rivet holes were drilled plus three of these same speci- 
men patterns for which the rivet holes were punched. 


Description of Specimens 


Fabrication and Description of Specimen 


The material for these specimens was ordered in accordance with ASTM 
Designation A7.(2) The gusset plates were cut from hot rolled sheared plates 
40" x 1/2", the web plates and battens (or tie plates) were cut from univer- 
sal mill plates 16" x 1/2" and the lacing bars were sheared from 1/4" 
plate. The angle stock consisted of 3-1/2" x 3-1/2" x 7/16" material in 
22' -6" lengths, 5" x 3" x 3/8" angles 34' -0" long, and 5" x 5" x 3/8" 
angles, 30' -0" long. 

All material was carefully identified and cut in the shops of the University 
of Illinois. The batten plates and/or web plates for a given specimen came 
from the same piece of plate; similarly, without exception, all four angles 
for any given specimen were cut from a single length. Coupons were taken 
from approximately the mid-length of each piece of stock which would com- 
prise part of the critical section of the specimens. In general, the plate ma- 
terial was flame-cut to final dimensions; the angles were generally saw-cut 
to length. 

One of the principal variables of these tests was the method of hole prep- 
aration. In order to reduce to a minimum the variations resulting from fabri- 
cation, all pieces for the drilled specimens were match drilled and fitted up 
completely in the University shop. 

Punched specimens were fabricated in the following manner. The plates 
were laid out in the University shop and center punched. These were then 
punched full size at the shops of the fabricator, using a conventional punching 
machine. The angles for the punched specimens, having been cut at the Uni- 
versity, were set up and carefully punched on a standard spacing table at the 
fabricator’s shop. Since these angles had been laid out earlier by the Univer- 
sity shop, the stops or settings of the spacing table were checked ina “dry- 
run” before actual punching began. The use of these procedures resulted in 
* uniform spacing and constant gage distances. In driving the more than 1500 
& rivets, only nine holes required reaming. However, reaming did not appear 
to reduce the strength of the specimens involved since the failures did not 
occur at those joints in which the rivet holes had been reamed. 

All rivets were from the stock of the fabricator, and of ASTM A141(3) 
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designation with cold formed heads. The length required for the rivets was 
determined by the rivet gang foreman in the usual shop fashion. New kegs of 
rivets were opened and used for these specimens and four sample rivets of 
each diameter and length were set aside for laboratory testing. The 3/4-in. 
rivets in Specimens AD1 and AD2 were all hand driven. The 7/8 in. rivets 
for the tie plates and lacing bars of Specimens DD1 and DD2 were also hand 
driven. Without exception, all other rivets were machine driven in both the 
punched and the drilled specimens. 

There were five basic specimen types, designated alphabetically A through 
E. These basic types were designed to give as great a range of predicted ef- 
ficiencies as was possible with the usual specification requirements of gage 
distances, (except for the type D specimens), edge distances, spacing, etc. A 
marking system was used which identified each piece of material by specimen 
type, method of hole preparation, specimen number, and final location ina 
specimen. This permitted each piece to be followed from the original length 
of stock to the assembled specimen. All drilled specimens are identified by 
a “D” following the specimen type designation; the punched specimens are 
designated by a “P”. Since each specimen type was tested in duplicate, the 
first and second specimens are designated 1 and 2, respectively. Thus, BD1 
signifies the number one specimen of type B, prepared by drilling, and DP2, 
the second punched specimen of type D. Details of the specimens may be ob- 
tained from Figs. 1 through 5 and Table 1. 


Mechanical Properties of Materials 


Coupons from the materials were machined to a 1-1/2 in. width and toa 
standard 8 in. gage length. (4) Both surfaces of coupons from the junction of 
the legs of an angle were machined to provide parallel surfaces. All other 
coupons were tested with the flat surfaces in the “as-rolled” condition. 
Every coupon was carefully marked to identify its original position and its 
related specimen. Since all angles of a given size were from the same heat, 
coupons were taken from the toe, center, and fillet positions of each leg of 
one length of stock. Only two coupons, one from the center of each leg, were 
taken from other lengths of angles. Two to five coupons were tested from 
each of the various pieces of plate stock. 

The average mechanical properties of the coupons are listed in Table 2; 
the chemical composition and mechanical properties from mill reports for 
the angles and the plate material are listed in Table 3. 

It will be noted from Table 2 that most of the material for these specimens 
met the requirements of ASTM AT, (2) although some of the plate material ran 
as low as 58,000 psi ultimate, or about 3 per cent lower than the 60,000 psi 
required. All coupons met the minimum yield requirement of 33,000 psi, and 
also the requirements for elongation. 

The information obtained from the coupons provided a means of checking 
the actual dimensions of the truss-type specimens also. By taking the thick- 
nesses of the unmachined coupons and averaging them for a given number, it 
was possible to compute the areas of those members for comparison with the 
areas obtained from the AISC handbook.(5) On this basis, it was found that 
the measured areas of the specimens tended to be about 99 per cent of the 
handbook areas. Individual specimens were as low as 97.5 per cent, and as 
high as 100.3 per cent, as shown in Table 1. Such a range is within the + 2.5 
per cent allowed by ASTM and AISC specifications.(5)(6) The measured area 
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TABLE 2 


AVERAGE MECHANICAL PROPERTIES OF 
SPECIMEN MATERIALS 


All coupons were standard 8 in. gage length and tested 
at a loading rate of 0.2 in/min. Upper yield was determined by 
drop of beam; lower yield was verified by automatic stress strain 
plot, where taken. Angle coupons averaged below were from critical 
sections for specimens. 


Coupons Av. Av. Av. Av. Av. 
for Location Upper Lower Ultimate Elong., Reduc. 
Spec. Yield Yield Strength in Area 
psi psi t 


45,900 45,000 
37,400 36,200 
43,900 43,500 
37,000 33,600 


47,900 
40, 200 
39, 500 


BRBR 


& 


wn 


. . 


AD1 
AD1 
ADe 
Abe 
B 

BD1 
BD2 
BP1 
CD1 
D 

D 

DD1 
DP1 
DP2 
E 

EDL 
ED2 
EP1 
EP2 


S5EES SYYBYE 


AAA 


angles 69, 400 1.6 
webs 62, 900 51.6 
angles 68, 900 49.7 
webs 58, 000 53-7 
lacing bars 45,600 59,900 7.4 
angles 39,200 60,600 
angles 38, 300 61, 600 8.8 
angles 41,200 40,200 62, 500 
angles 43,400 41,900 62, 200 9. 
a angles 38,650 38,650 61, 300 8 9. i 
a web 40,000 38,000 63,400 [7 h. 
4 q angles 41,500 40,300 61, 900 6 9. ie 
web 40,000 38,000 63,400 h. 
lacing bars 48,800 45,700 58,800 2 
a gusset plates 38,500 36,200 59, 300 8 = 
angles 40,100 39,300 1,200 
angles 39,800 39,600 62,200 
lacing bars 46,300 43,900 58,700 
angles 40,200 38,900 65, 300 
angles 40,300 38,900 65,400 a 
angles 40,30C 39,000 65,900 
angles 40,700 39,700 65,500 
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was used only in the calculation of test efficiencies; all other references to 
area will be to the handbook or nominal areas. 

The four samples of each rivet length-diameter combination were tested 
in shear and tension. The results of the tests are shown in Table 4. The 
average shear strength of the 3/4-in. rivets exceeded that of the 7/8-in. 
rivets by almost 10 per cent. The ultimate tensile strengths of these rivets 
were generally higher than those specified by ASTM A141-39;(3) however, 
that specification governs the properties of the “as-rolled” bars and not the 
manufactured rivets which were tested. 


Instrumentation and Equipment 


All sixteen specimens had similar instrumentation, involving mechanical 
dials, electric strain gages, and a qualitative visual indicator of the extent of 
yielding. 

The mechanical dials had 0.001 in. divisions and a range of 1 in., and were 
used in the following ways: (1) to indicate the overall deformation of the 
specimen and joint; (2) to measure the relative movement of the gusset plates 
and angles at the critical sections or first rows of rivets in the joints; and 
(3) to indicate the relative movement of the angles and gussets at the last row 
of rivets in the joints. Mechanical dial locations can be seen in Figs. 1 
through 5. 

The electric strain gages were SR-4 (type A-1, 13/16 in. long) wire re- 
Sistance gages. These were placed on the various specimens as shown in 
Figs. 1 through 5, and were used to give comparative strains in the angles, 
lacing bars, and web plates of the members. To determine the load distribu- 
tion to the members, three pairs of gages were placed on each of the four 
pull plates (plates to which the gussets were welded). The gages, one on 
either side of the pull plate, gave average strains at the gage locations and 
were used to evaluate the magnitude of the load in the gusset plates. Strain 
gage locations were chosen with the intent of obtaining the most representa - 
tive measurements with the least number of gages. 

The procedure of whitewashing the specimens provided a simple means of 
indicating where yield patterns (shear lines or Liider’s bands) formed in the 
specimens. The whitewash spalled off the surfaces of the specimens with the 
mill scale as yielding took place. 


Description of Tests 


The specimens were tested in the 3,000,000-lb. Southwark-Emery Tatnall 
testing machine (Fig. 6) in Talbot Laboratory at the University of Illinois. 
The gusset plates of all specimens were welded to the pull plates of the test 
fixtures with fillet welds. A consistent welding procedure was followed for 
all specimens to minimize the secondary effects of the welding and to keep 
them the same from one specimen to the next. When it was observed that 
most of the first eight specimens tested broke on the east side, it was de- 
cided to rotate the next group of eight duplicate specimens 180 degrees. 
However, the welding sequence was not changed. In spite of this change in 
orientation, most of the second group of specimens also failed on the east 
side possibly because of a peculiarity of the testing machine. It appeared 
that the sequence of welding did not affect the behavior of the members. 
After a test, the pull plates were flame cut just beyond the welds, thus 
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TABLE + 
COUPON TESTS ON RIVET STOCK 


Ave 
Ult. Tensile Test ** 


Shear Ult. Reduction long. 
Strength* psi in Area, % % 
psi 
3/4 x 2 1/4 46 , 700 67,700 58.6 
3/4 x 2 3/8 46,700 68,900 54.7 
3/4 x 2 3/4 49,100 70,100 62.1 


3/4 x 2 7/8 50,300 69,600 65.9 
3/4 48,200 69,100 


1/8 x 25/8 43,700 62,500 65.5 


1/8 x 3 44,200 62,800 63.8 
Av., 7/8 44,000 62,700 


Average of four loadings on two rivets; two loadings on each 
rivet were made on surfaces 3/4" to 1" apart. Shear stress 
tabulated is based on nominal diameter; loading rate was 
0.04 in/minute. 


Average from two tests on coupons machined from undriven 
rivets with no annealing. Coupons were 0.25 in. in 
diameter, had 1.00 in. gage and were tested at a loading 
rate of 0.02 in/minute. 
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removing approximately 1-1/2 in. from the pull plates for each specimen 
tested. 

The specimens were tested to ultimate load in about fifteen load incre- 
ments. The strain gages and deformation dials were read immediately after 
each load increment had been applied but while the load was maintained con- 
stant. 

Each test will now be described briefly. In this paper, a “row of rivets” 
signifies those rivets in a direction perpendicular to the axis of loading, and 
a “line of rivets” refers to rivets parallel to the axis of loading. Unless 
otherwise specified, the order of the rivet rows refers to the member itself; 
i.e., the first row of rivets in a joint is the one at the net section of the mem- 
ber, or it is the first row of rivets nearest the mid-length of the specimen. 
Similarly, the last row of rivets is that farthest from the mid-length of the 
specimen. 


Type A Specimens 


Because of the unexpected failures of these two specimens, their tests are 
described rather fully. The specimen details are shown in Fig. 1; the cross 
section may be described as a double channel or box section. 


Specimen AD1 

During the test of AD1, the flaking of whitewash of the lower east gusset 
around and below the last row rivets, at 400,000 lb., indicated the initiation 
of yielding in the member. At 700,000 lb. (25,500 psi on gross area), the 
first Lider’s lines appeared inside the east web at the first row rivets, and 
at 1,155,000 lb. the entire lower east joint failed suddenly in shear. This 
maximum load is equivalent to 57,100 psi on the net section, 42,000 psi on 
the gross section, and a nominal average rivet shear of 37,300 psi. 

The sheared rivets were then removed from the lower joint and the con- 
nection was bolted with high strength (ASTM A325(7)) bolts at a torque of 
about 370 ft-lb. When the bolts were installed, it was noticed that the east 
gusset had necked down considerably at the center of the last row of holes. 

With the lower joints bolted and the upper joints still fastened with the 
original rivets, a second test was conducted. Failure began by the tearing of 
the lower east gusset followed by a similar rupture of the lower west gusset. 
Both tears then propagated simultaneously until the east gusset had torn to an 
edge. Prior to failure, five bolts on the west side and two on the east side 
sheared as shown in Figs. 7 and 8. The exact order in which these bolts 
failed is not known; however, the approximate order is marked in the figures. 
The maximum load was 1,235,000 lb. (61,000 psi on net section and 44,900 
psi on gross area), thus, the rivets in the upper joint withstood a nominal 
average shearing stress of 39,900 psi without failing. 


Specimen AD2 

Both lower gussets of Specimen AD2 showed signs of yielding at 400,000 
lb. as the whitewash spalled off around the last rows of rivets. Under a load 
of 500,000 lb. (18,200 psi on gross section), Liider’s bands developed on the 
east web at the first row rivets, and 100,000 lb. later, both web plates had 
yielded at the net section. 

At a maximum load of 1,190,000 lb. (58,800 psi on net area, 43,300 psi on 
gross section, and nominal average shear of 38,500 psi), the outer lines of 
rivets in the lower east gusset sheared suddenly and the load dropped to 
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FIG. 7 EAST GUSSET AFTER RUPTURE, FIG. 8 WEST GUSSET RUPTURE, 
SPECIMEN ADI SPECIMEN 


FiG. 9 BOTTOM EAST JOINT AFTER FIG.10 TYPICAL LODER’S PATTERNS ON 


FAILURE OF AD 2 GUSSETS OF TYPE A SPECIMENS 
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400,000 lb. Since the gusset was still attached to the web by the three inner 
lines of rivets, the member continued to carry load until, at 940,000 lb., the 
east web tore at the first row rivets as shown in Fig. 9. An indication of the 
extent of yielding of the lower west gusset at failure can be seen in Fig. 10. 
Note that the relative movement of web and gusset amounted to about 1/2 in. 
This figure also shows the areas of strain concentration in the gusset and the 
high load transfer which took place in the first row rivets and the outer lines 
of rivets. This was typical of both A specimens. 


Type B Specimens 
The B type specimens, being of a “laced-I” configuration (of which there 


were also two other groups of more-or-less the same pattern), may be thought 


of as representative of all the laced specimens. The first specimen to be 
tested in the entire program was BD2, and in this test, extensive photographs 
were made of the progress of yielding as depicted by the Ltider’s bands in the 
whitewash. Because such yielding was typical of specimen types B, D, and E 
and because of the more thorough pictoral coverage, the test of Specimen 


BD2 will be discussed somewhat more fully than the tests of the similar mem- 


bers. Details of the type B specimens are shown in Fig. 2. 


Specimen BD2 

The formation of Liider’s lines on Specimen BD2 is recorded pictorially 
in Figs. 11 through 14. 

As the load reached 350,000 lb. (30,600 psi on gross section), Liider’s 
lines appeared in the angles at the first row rivets. When the load was raised 
to 390,000 lb., the whitewash began to spall off the outstanding (5 in.) legs of 
the angles at a lacing rivet as shown in Fig. 11. (Position of Luder’s lines 
are noted by arrows.) At 410,000 lb., the yield bands were pronounced on the 
outstanding legs of the angles opposite all the lacing rivets as illustrated in 
Fig. 12. At 475,000 lb., it was noted that the heel of the angles (see arrow in 
Fig. 13) had pulled away from the gusset plates 1/8 in. to 1/4 in. This be- 
havior was typical of that noted in the tests of all the laced-I and solid-I 
specimens. At 500,000 lb. (58,000 psi on net section, 43,700 psi on gross 
section and nominal average shear stress of 34,700 psi), the specimen failed 
on the east side at the top lacing rivet as shown in Fig. 14. The toes of the 
inside legs of the west angles also ruptured at the center lacing rivet, pro- 
ducing, so-to-speak, a secondary failure. This secondary failure was at a 
point of high localized stress produced by the lacing bars, which bent the 
angles or “pinched them in” in the manner similar to that shown in Fig. 15 
for Specimen BP1. In addition, it was noted that a “necking down” had oc- 
curred at the net section of the connection as well as at the other lacing 
rivets. This, too, was characteristic of all the laced specimens. 


Specimen BD1 

Yield patterns appeared at the first row rivets of the east angles of BD1 
when a load of 250,000 lb. (21,900 psi on gross area) was reached. At a max- 
imum load of 498,000 lb. (57,800 psi on net section, 43,500 psi on gross sec- 
tion, and a nominal average shear stress of 34,500 psi), the toes of the east 
angle started to tear at the center lacing rivet. As the load slowly dropped, 
fractures appeared through the toes of the 3-in. legs of the west angles also. 
In the meantime, the fractures in the east angles had spread through the 3-in. 
legs and across the 5-in. legs. The primary fracture can be seen in Fig. 16; 
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FIG. 12 EXTENT OF YIELDING AT 
410,000 LB, EAST SIDE, 8D2 


FIG. 11 FIRST LUDER'S BANOS, SHOWING 
ORIGINATING RIVETS, BD 2 


FIG. 13 EXTENT OF YIELDING AT FIG.14 EXTENT OF YIELDING AND 
475,000 LB., EAST SIDE, BD2 FRACTURE, SPECIMEN BD 2 
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B FIG. 15 SECONDARY FAILURE AT CENTER LOCATION OF RUPTURE, 
LACING RIVET, BP! SPECIMEN BD | 
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FIG. 17 LOCATIONS OF RUPTURES, FIG.18 NET SECTION FAILURE, SOUTHEAST 
SPECIMEN BP 2 ANGLE, SPECIMEN CD | 
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the secondary fracture was similar to that shown in Fig. 15. 


Specimen BP1 

At a load of 300,000 lb. (26,200 psi on gross section), the first Liider’s 
bands on Specimen BP1 were apparent on the inside of the east angles at the 
first row rivets. The specimen reached a maximum load of 462,000 lb. 
(53,600 psi on net section, 40,400 psi on gross area, and a nominal average 
shear stress of 32,000 psi), at which time failure occurred at the toe of an 
east angle at the center lacing rivet, followed by a tearing of the toe ofa 
west angle at the top lacing rivet. Although tears were apparent in all the 
angles, final fracture occurred in the west angles at the top lacing rivet ina 
manner similar to that shown in Fig. 14. The secondary failure in the east 
angles may be seen in Fig. 15. Even though the east side of this specimen 
was more highly strained initially and failure was initiated on the east side, 
the principal failure occurred on the west side of the specimen. 


Specimen BP2 

The west angles of BP2 began to yield at the first row rivets at about 
325,000 lb. (28,400 psi on gross section). By 410,000 lb., the east angles ex- 
hibited Liider’s lines originating at the lacing rivets, and at 425,000 lb. the 
west angles showed similar yielding. When a maximum load of 458,000 lb. 
(53,100 psi on net section, 40,000 psi on gross section and a nominal average 
shear stress of 31,700 psi) was reached, the east angles failed as shown in 
Fig. 17. Although of the same general character and at approximately the 
same ultimate load as the other B specimens, the failure was unusual in that 
the southeast angle ruptured at the lower lacing rivet and the northeast angle 
ruptured at the upper lacing rivet. At the center lacing rivet in the west 
angles, the toes ruptured in a secondary failure similar to that shown in 
Fig. 15. 


Type C Specimens 


The C specimens were of the “solid-I” type and are illustrated in Fig. 3. 
Both these specimens failed at the net sections and in a like manner. 


Specimen CD1 

The lower east gusset of Specimen CD1 began to yield at the last row 
rivets at a load of 300,000 lb. However, it was not until the load had reached 
550,000 lb. (28,300 psi on gross section) that the east angles gave an indica- 
tion of yielding at the net section. About 50,000 lb. later, the east edge of the 
web developed Liider’s lines at the first row rivets, and at 650,000 lb. the 
web and inner legs of the east angles showed yield bands in the whitewash at 
the stitch rivets. The specimen failed at a maximum load of 872,000 lb. 
(55,800 psi on net section, 44,900 psi on gross area and a nominal average 
shear stress of 36,300 psi). Final failure occurred at the net section at the 
lower east side as shown in Fig. 18. It is interesting to note the necking down 
of the angles at each stitch rivet (see arrow in Fig. 18). In addition, a simi- 
lar yielding was noted in the web at each of the stitch rivets. 


Specimen CD2 

At a load of 300,000 lb., Liider’s lines developed on the lower gusset plates 
of Specimen CD2 at the last row of rivets, and by 500,000 lb. (25,700 psi on 
gross section), the outstanding legs of the angles had yielded at the first 
three rows of rivets, At 650,000 lb., first signs were noticed of the spalling 
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of whitewash on the web. The maximum load of 902,000 lb. (57,700 psi on net 
section, 46,400 psi on gross section and a nominal average shear stress of 
37,500 psi) produced the primary failure at the top west net section in a man- 
ner similar to that shown in Fig. 18. A secondary failure occurred at the 
toes of the east angles at the lower net section. 


Type D Specimens 


The type D specimens were of the *‘laced-I” design shown in Fig. 4. These 
members had the same size angles as the type B specimens; however, the 
section at the lacing rivets tended to be less important as points of stress 
concentration, because the D specimens were prepared with a smaller net 
area. 


Specimen DD1 

At a load of 250,000 lb. on Specimen DD1 (21,900 psi on gross section), 
Liider’s lines appeared at the first row rivets of the southeast angle. When 
the load reached 410,000 lb., yield bands became evident on the angles at the 
lacing rivets. The maximum load for failure was 450,000 lb. (62,500 psi on 
net section, 39,300 psi on gross section and a nominal average shear stress 
of 37,400 psi) with the primary failure occurring at the top west and a 
secondary (or partial) failure occurring in the net section at the lower east 
side of the member. 

At the point of primary failure, an unusual break occurred: the rupture of 
the southwest angle passed through the two rivet holes in the outstanding leg 
and then to the second rivet at the batten plate but did not tear completely 
through the angle; instead, the toe of the inner leg of the angle tore at the 
first rivet. This may be seen in Fig. 19. The northwest angle, however, tore 
through the two rivets in the outstanding leg and through the first batten rivet 
as shown in Fig. 20. 


Specimen DD2 

The angles of Specimen DD2 showed first Liider’s lines or yield bands at 
the toe near the first row rivets when the load reached about 300,000 lb. 
(26,200 psi on gross area). When the load was raised to 400,000 lb., the east 
angles developed Liider’s bands at the lacing rivets. A maximum load of 
444,000 lb. (61,700 psi on net section, 38,800 psi on gross area, and a nominal 
average shear stress of 36,900 psi) was reached. At this load, the east angles 
failed through the lower net section in a manner similar to that shown in 
Fig. 20. 


Specimen DP1 

The lower east gusset of Specimen DP1 began showing Liider’s bands or 
yield lines in the whitewash at 275,000 lb. When the load was raised to 
300,000 lb. (26,200 psi on gross section), the outstanding legs of the east 
angles developed yield patterns at the net section. The maximum load was 
439,000 lb. (61,000 psi on net section, 38,400 psi on gross section anda 
nominal average shear stress of 36,500 psi) and rupture occurred at the low- 
er east joint ina manner similar to that shown in Fig. 19. 


Specimen DP2 

By 300,000 lb. (26,200 psi on gross section), plastic flow of the angles be- 
neath the first row rivets was apparent in Specimen DP2. Liider’s lines de- 
veloped in the angles at the lacing rivets at 400,000 lb. The maximum load 
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FIG.20 PRIMARY FAILURE, NORTHWEST 
ANGLE, SPECIMEN DD! 
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FIG. 19 PRIMARY FAILURE, SOUTHWEST 
ANGLE, SPECIMEN OD! 
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reached was 449,000 lb. (62,400 psi on net section, 39,200 psi on gross sec- 
tion and a nominal average shear stress of 37,300 psi), when the top west 
angles ruptured at the toe. As the load dropped, the lower east joint began 
to tear and final failure was through the net section at the lower east side in 
a manner similar to that shown in Fig. 20. It is of particular interest to note 
that the secondary (or partial) failure actually occurred first. 


Type E Specimens 


The type E specimens were also of the “laced-I” configuration but of 5"' x 
5" x 3/8" angles. Details of this specimen type are shown in Fig. 5. Be- 
cause of the marked differences in behavior between the drilled and punched 
specimens, and because of the repeated tests which had to be made on the 
drilled specimens before final failure, the tests of this group of specimens 
will be described in somewhat greater detail. 


Specimen ED1 

Three tests were conducted on Specimen ED1. In the first of these tests, 
when the load had reached 250,000 lb., Liider’s bands appeared on the lower 
east gusset at the last row of rivets. By 500,000 lb. (34,600 psi on gross 
section), yielding was evident at the first row rivets of the east angles. The 
maximum load was 722,000 lb. (60,500 psi on net section, 50,000 psi on gross 
section), at which point the load began to drop. At about 690,000 lb., the 
specimen suddenly failed by shearing all rivets of the lower east gusset. The 
nominal average maximum shear on the rivets had been 40,860 psi. 

The lower west rivet heads were cut off and the rivets were driven out so 
that both lower gussets could be reconnected using high strength (ASTM 
A325(7)) bolts installed by torque-wrench at 370 ft-lb. or more. With the 
lower joint so bolted, the second test was run on Specimen ED1. At about 
625,000 lb. both first row bolts on the east side sheared off. When the load 
reached 762,000 lb. (about 63,800 psi on net section, 52,800 psi on gross sec- 
tion), the upper west gusset suddenly sheared all rivets. This occurred ata 
nominal average shearing stress of 43,100 psi on the rivets. 

Again, the heads of the remaining rivets were cut off and the rivets were 
replaced with high strength bolts. The two bolts which sheared in the lower 
east gusset during the second test were not replaced since, to do so, con- 
siderable reaming would have been necessary. With both joints bolted, a 
third test was run. The maximum load was 811,000 lb. (67,900 psi on net 
section, 56,200 psi on gross section and a nominal average shear stress of 
45,900 psi), and the tension failure occurred on the lower east side at the 
second row rivet holes (first bolts) in the outstanding legs and through the 
first batten rivet as shown in Fig. 21. 


Specimen ED2 

Specimen ED2 required four tests. At 500,000 lb. (34,600 psi on gross 
section) during the first test, faint Liider’s lines were noticed at the first 
row rivets on the angles. By about 600,000 lb. yield bands had appeared at 
the lacing rivets. The load was increased in steps to 700,000 lb. (58,600 psi 
on net section, 48,500 psi on gross section) at which point the usual readings 
and a few photographs were taken. After dropping the load to 600,000 lb. to 
permit safe removal of the gages, the specimen failed in shear, as it was re- 
loaded, at 698,000 lb. (58,500 psi on net section and 48,300 psi on gross sec- 
tion). At 700,000 lb., the average nominal shear stress on the rivets had 
been 39,600 psi. 
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For the second test, the rivets in the lower gussets were replaced with 
common bolts which were torqued to relatively high tensions. These bolts 
had an average ultimate strength of 66,230 psi on the mean root area. The 
two first row bolts in the east angles sheared at 525,000 lb. and at 618,000 lb. 
When the load reached 625,000 lb., the second row bolts in the east angles 
sheared. This was promptly followed by a shearing of all the bolts in the 
bottom east joint. 

For the third test, the lower joint was welded with full length fillet welds 
along the toes and across the ends of the angles; no weld was placed across 
the edge of the gusset near the first row holes. The fitting up bolts were left 
in place. As the load reached 774,000 lb. (64,800 psi on net section, 53,600 
psi on gross section), the rivets sheared at the top east gusset at a nominal 
average shear stress of 43,800 psi. An indication of the relative shear de- 
formation in the rivets and bolts along the length of this member may be seen 
in Fig. 22. It is readily apparent that the fasteners in the first rows with- 
stood extremely large distortions without failing and that the deformations 
along the line of rivets were far from uniform. In addition, a slight necking 
of the angles at the first row was apparent. 

As had been the case for the lower joint, the upper joint was welded. The 
specimen was tested a fourth time, and failure occurred by tearing of the 
angles at the ends of the weld at the lower east joint at a load of 796,000 lb. 
(66,700 psi on net section, 55,100 psi on gross section). 


Specimen EP1 

As the total load on Specimen EP1 approached 450,000 lb. (31,200 psi on 
gross section), Liider’s lines indicated yielding at the first row rivets of the 
east angles. Yield bands appeared around the lacing rivets on the inside legs 
of the angles at 500,000 lb. The maximum load obtained was 738,000 lb. 
(61,800 psi on net section, 51,100 psi on gross section and a nominal average 
shear stress of 41,800 psi), at which time the toes of the east angles ruptured 
at the first row as shown in Fig. 23. A secondary failure was found to have 
started at a rivet in a west angle at the top joint. 


Specimen EP2 
As a load of 550,000 lb. (38,100 psi on gross section) was reached on Speci- 
men EP2, Liider’s bands were noted at the last row rivets of the gussets and 
at the first row rivets of the angles indicating balanced yielding in the mem- 
ber. At 600,000 lb., signs of yielding were evident around the lacing rivets. 
The maximum load reached was 733,000 lb. (61,400 psi on net section, 
50,800 psi on gross section and a nominal average shear stress of 41,500 psi) 
and failure occurred through the net section at the lower east gusset ina 
manner similar to that shown in Fig. 23. 


Results and Analysis of Tests 


Table 1 lists the areas and properties of the various specimens and Table 
5 shows the ultimate loads, type and location of the failures, and specimen 
efficiencies. 

Because of the more general usage of stresses rather than strains, the 
strain data obtained in these tests is presented in terms of stress. Such an 
analysis must, of course, be limited to the range of loads for which stress is 
proportional to strain. It is hoped that this method of presenting strains in 
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FIG.22 FASTENERS REMOVED FROM THE 
UNFRACTURED JOINTS OF ED 2 
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terms ofa stress level will give the reader a clearer picture of the behavior 
of the members. However, it must be kept in mind that a stress obtained in 
this way represents only the stress in the member at the gage location, just 
as the recorded strain can only represent the strain at that gage location. 


Distribution of Load to Pull Plates 


The load in each of the pull plates was computed by assuming a parabolic 
strain distribution to determine an average strain and by using a Modulus of 
Elasticity, E, of 30,000,000 psi. 

The loads for both pull plates at the top and bottom could thus be com- 
puted, and a check made of the actual load applied to the specimen. By a 
comparison at one end, of the load on one plate to the total load carried by 
both plates, the per cent of load in each gusset plate was obtained. The dis- 
tribution of load to the pull plates, as obtained in this manner, is shown in 
Figs. 24 through 31. 

In these figures, the average stress on the gross section and the total load 
is plotted against per cent of load in the pull plates. The ultimate load is 
also shown, as is the manner of failure. From these plots, it can be seen 
that near the ultimate loads the load distribution to all four gussets had ap- 
proached 50 per cent. None had a distribution more than 5 per cent differ - 
ent, despite highly unequal distributions at earlier loads. For this reason, 
it is felt that the ultimate loads obtained in these tests were independent of 
the variations in load distribution during the early stages of the tests. How- 
ever, it is reasonable to surmise, from a study of these plots and other data, 
that the earlier inequality of load distribution may have increased the defor- 
mation of one side of the specimen over the other side and thus may have had 
an effect on the point of failure. 

With but few exceptions, the point of failure (east or west, top or bottom) 
can be predicted from the plots of load distribution; the side which was more 
heavily loaded during earliest stages of loading generally failed or showed a 
secondary failure, despite later redistribution of the gusset plate loads. Spec- 
imen BP1, Fig. 26, failed on the west side despite the heavy initial loading 
of the east gussets. At the loads near ultimate, it is seen that the west gus- 
sets, particularly the top west, carried an increasing share of the load, and 
the top west gusset finally took more than half the load. Although the pri- 
mary failure occurred on the west side, we find from the test description 
that the east side actually did rupture first. Thus, this exception certainly 
is not in disagreement with the correlation noted between the location of fail- 
ure and the initial load distribution in the gussets. 

Specimen CD2, Fig. 27, also failed at the top west joint despite higher 
loads in the east gussets. Though it is not known which rupture occurred 
first, this specimen exhibited a primary failure at the top west and a second- 
ary failure at the bottom east. 

Specimen DD1, Fig. 28, also appears to be an exception. However, again 
we find that this specimen failed at two points: the primary failure was at 
the top west, following the indication of Fig. 28 where at about 350,000 lb. 
the west was carrying a higher percentage of the load near ultimate; the 
secondary failure occurred at the bottom east, reflecting the effect of the gen- 
eral tendency for the bottom east to carry a large portion of the load during 
most of the test. It is believed that the initial appearance of compression in 
the top east gusset of this specimen was partially a result of the manner of 
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specimen installation and partially a result of the insensitivity of the meas- 
urements at the lower loads. 


Load-Strain Relationships 


An appreciation of the fact that the use of “stress” in this section means 
the stress at the gage point and not an average stress is important to an 
understanding of the following discussion which has been divided into three 
groups. First, the type A specimens will be considered; second, the type C 
specimens; and finally, the laced members, types B, D, and E, will be 
analyzed. 


Type A Specimens 
The stresses in the angles of AD1, at the four strain gage locations, are 


summarized in the following tabulation: 


ANGLE STRESSES, AD1 


Load Av. Stress, 1000 psi, in the Angles, Ratio, Av. 
in Stress on Based on the Measured Strains Meas. 
Gross Area Stress 
1000 1000 Gage Sl Gage S2 GageS3 Gage 84 East 1000 
lb. psi SW NW NE SE West psi 


50 1.82 1.5 1.5 2.1 2.7 1.60 1.95 
100 3.64 2.5 3.0 4.5 5.1 1.75 3.77 
200 7.28 5.7 6.0 8.1 96 1.51 7.10 
300 10.92 8.7 9.3 12.6 14.1 1.48 11.17 
400 14.56 12.0 12.6 16.8 18.6 1.44 15.00 
500 18.18 15.3 16.5 21.3 23.4 1.41 19.12 


From the above data, it may be seen that both of the east angles have higher 
stresses than do the west angles. This is as should be expected from the 
load distribution shown in Fig. 24 wherein, up to about 600,000 lb., the east 
pull plates carried.about 60 per cent of the load, or about one and a half times 
the load in the west plates. This same relative distribution is evident in the 
angle stresses. 

Since the four angles were not equally strained, the batten plates and webs 
connecting them must have developed shears and thus introduced additional 
secondary stresses in the specimen. If the difference in total load between 
the east (60 per cent) and the west (40 per cent) sides of the specimen were 
assumed to be taken by the batten plates only, at 500,000 lb. the 100,000 lb. 
total shear would be distributed to the four batten plates giving a computed 
unit shear of less than 4500 psi. However, the distribution of load to the two 
sides of the specimen became more nearly equal at loads approaching ulti- 
mate, so that the shear on the battens did not increase proportionately with 
the load. From a similar inspection of the differences in strain and the rela- 
tive areas involved, the unit shearing stresses in the webs would probably be 
1/5 to 1/10 of that in the batten plates, and thus of little significance. 
The strain data for the angles of Specimen AD2, shown in the following 
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tabulation, reveal that the northeast angle was the most highly stressed, 
whereas the other three angles appear to be about equally stressed (or 
strained). 


ANGLE STRESSES, AD2 


Load Av. Stress, 1000 psi, in the Angles, Ratio, Av. 
in Stress on Based on the Measured Strains Meas. 
Gross Area Stress 

1000 1000 Gage Sl Gage S2 GageS3 GageS4 East 1000 

lb. psi NE SE SW NW West psi 


50 1,82 1.17 1,95 
100 3.64 1.18 3.92 
200 7.28 1,08 7.80 
300 10,92 1.05 11.85 
400 14.56 1.08 15.82 
500 18.18 1,05 20.10 


This is further substantiated by Fig. 24 which shows that the loads in all pull 
plates of AD 2 were about equal. Asa result, the shears in the battens and 
web plates caused by the unequal distribution of strains in the angles of this 
specimen will be of even smaller consequence than those in Specimen AD1. 

An inspection of the strains in the web plates of both A specimens showed 
that very little bending occurred in these plates at mid-length. Since the 
strains on both sides of the web plates were similar at a given load, strains 
at the center of each web plate have been averaged and converted to a stress 
at that point. These web stresses are as follows: 


WEB STRESSES AT CENTER OF WEB 
BASED ON AVERAGE MEASURED STRAINS 


Average Average Specimen ADL Specimen ADe2 
Stress on Stress on Stress, 
Gross Net Section 
Area at Center 
1000 1000 1000 
lb. psi psi 


50 1.82 2.04 
100 3.64 4.09 
200 7-28 8.18 
300 10.92 1227 
400 14.56 16.36 
500 18.18 20.45 


in 


At first glance, this tabulation seems to show that the webs of these box 
members tended to be over 100 per cent efficient, i.e., carry a higher stress 
(or share of the total load) than would be expected from the average stress on 
the net section of the specimen at that gage location. This appearance is due 
to the uneven distribution of stress to the webs and angles. However, it is 
reasonable to expect that the web efficiency of these box members would be 
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greater than that of I-beam webs, (8) because of the direct transfer of load 
from the gussets to the webs in these box sections. 

A comparison of the stresses in the angles and webs of the type A speci- 
mens indicates that the webs of AD2 were probably less effective, that is, 
had less strain at any given total load than did the AD1 webs. Consequently, 
for AD2 there was probably less shear on the rivets connecting the gusset to 
the web (not including those rivets which also connected the angles) and more 
shear on the rivets connecting the angles to the gussets than for AD1. This 
may account, at least in part, for the different modes of first failure for AD1 
and AD2, (AD1 had a complete shear failure of the joint; and AD2 sheared 
only the outer gusset-web-angle rivets). Another factor which may have con- 
tributed to the difference in behavior was the variation in ductility of the web 
plates, which may be found in Table 2. 


Type C Specimens 

Analysis of the strain data for both type C specimens reveals that the 
stress in the east angles was considerably higher than that in the west angles. 
However, because of the small number of gages and the stress concentrations 
caused by the stitch rivets, a thorough analysis of the strains cannot be made. 
See the following tabulation. 


ANGLE STRESSES AT MID-LENGTH FOR C SPECIMENS 


Total Ay. Specimen Specimen CD2 

Load Stress on Stress, 1000 psi Stress, 1000 psi 
on Gross 

Spec. Area Av. West Av.. East Av. West Av.. East 

1000 1000 $1+S2 Ratio S5+64 Ratio 
lb. psi 2 WtoE WtokE 


0.46 0.60 
0.50 0.58 
0.50 0.58 
0.51 0.59 
0.53 0.64 
0.54 0.67 
— 0.56 0.70 
20.5 0.57 0.72 

Ve 0. 0.04 


2.57 
5-14 
10.29 
12.86 
15-45 


. 


It is of interest to note that the average loads in the west sides of both 
members, as shown in Fig. 27, were about 79 per cent of the loads in the 
east sides at total loads from 50,000 lb. to about 400,000 lb. This ratio dif- 
fers considerably from that obtained on the basis of the strains in the angles. 
Although measurements are not available to explain this difference, it is be- 
lieved that it may have resulted from an initial curvature in the specimens. 


Laced Specimens: Types B, D, and E 

The discussions of the load-strain relations for the three laced specimen 
types, B, D, and E, have been combined since their behaviors were similar. 
Although the lacing configuration is not the same (east to west) at the mid- 
height of the specimens for the No. 1 and No. 2 specimens, no change was 
made in the numbering of the strain gages. Thus, for example, S3 and S4 will 
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always designate those gages opposite the point on the angles where there was 
a lacing rivet, and readings of these gages may always be compared with 
other S3 and S4 gages on similar specimens, 

By converting the ratios of strains in the two sides of the laced members 
to percentage of load, we find that between 25,000 lb. and 300,000 lb., the 
east sides tended to carry about 60 per cent and the west sides 40 per cent of 
the total load. However, the load distributions based on the strains, and given 
in the following tabulation, all appear to be slightly higher than those obtained 
from the pull plate measurements shown in Figs. 25, 26 and 28 through 31. 
This relationship is similar to the variation noted for the type C specimens 
also. 


PER CENT OF LOAD ON EAST SIDE OF MEMBERS 
COMPUTED FROM ANGLE STRAINS 


LOAD RANGE FROM 25,000 TO 300,000 LB. 


BD1 BP1 DD1 DP1 ED1 EP1 No. 1 Av. 
0.68 0.66 0.57 0.59 0.54 0.62 0.61 
BD2 BP2 DD2 DP2 ED2 EP2 No. 2 Av. 
0.63 0.61 0.63 0.60 0.57 0.61 0.61 


By means of a comparison of the measured strains in all laced members, 
it was seen that there was very little difference in theaverage strains at the 
mid-length gage locations for loads from 25,000 lb. to 300,000 lb. whether the 
specimens were drilled or punched. A comparison was also made of ultimate 
loads for the four pairs of laced specimens which had failures other than 
shear failures. This latter comparison gave an average of 96 per cent for 
the ratios of loads of punched to drilled members versus 99 per cent for the 
ratio of drilled to punched average strains in the twelve laced specimens. 

The four E specimens have not been included in the ultimate load compari- 
son mentioned in the preceding paragraph because the two drilled specimens 
sheared their fasteners at loads about 3 per cent smaller than those at which 
the punched specimens failed at the net section. If we include these in the 
average ratio, we get 0.985 which is about the same as the 0.99 obtained by 
comparing the strains. Were we to neglect the strain hardening effects of the 
multiple loadings on specimens ED1 and ED2 and to use their final fracture 
loads in computing the ratios, the ultimate loads of the punched specimens 
with lacing would be approximately 95 per cent as great as that of the drilled 
specimens. 

Of considerable interest is the fact that the ultimate strength of the 
punched specimen DP2 exceeded the ultimate strength of its drilled counter- 
part, DD2, and that both failed in tension in similar fashions. 


Lacing Bar Strains 


Each of the two upper lacing bars of all the laced specimens had two 
strain gages mounted at mid-length and along the centerline, one gage on 
either side. Thus, a determination of the magnitude of the stresses in the 
lacing bars could be made. It was noted that there was very little bending 
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of the lacing throughout the range of loading. Accordingly, the readings of 
the two strain gages on each bar have been averaged and converted to stress 
on the gross section of the bar. The results of these computations are pre- 
sented in Figs, 32, 33 and 34, 

In addition, curves are shown for the theoretical stresses (for the elastic 
range only), which are equal to the nominal stresses in the angles multiplied 
by the squares of the cosines of the angles that the lacing bars made with the 
axes of the member. The stresses in the top lacing bars differed from the 
theoretical stresses because of the complex end effects and the unequal dis- 
tribution of load to the members, These same factors, no doubt, also af- 
fected the stresses in the second lacing bars, but to a lesser degree. It is 
felt that for a long member the central lacing bars would generally be 
stressed at a level approximately equal to that suggested by theory. 

It will be noted that the lacing bars of both No. 1 specimens behaved dif- 
ferently from those of the No. 2 specimens. Because of the consistency of 
this variation, it is believed that orientation of the specimens in the testing 
machine produced this dissimilarity. 

From Figs. 32, 33 and 34, it is seen that, at working loads, the stresses 
on the lacing bars were less than 10,000 psi on the gross section of the bars; 
and, at loads about twice the design load, the stresses on the gross section of 
the lacing bars, reached 15,000 to 20,000 psi, in some cases, 

A variety of failures was obtained with the laced specimens. Four of the 
members, the type B specimens, failed at lacing rivets in the middle of the 
members; the drilled type E specimens failed initially in shear and subse- 
quently in tension at the net section; and the punched type E specimens and 
all of the type D specimens failed at the net section. Of those specimens 
which failed at the net section, three fractured at the side of the connection 
at which the lacing bar terminated; the remaining five fractured at the side 
of the connection opposite the lacing bar. Thus, the position of the lacing 
bars did not seem to affect the location of the rupture. 


Load -Deformation Relationships 


Measurements were made of the overall deformation, the slip at the first 
and last rows, and the lateral movement of the upper pull plates. For the 
analysis of the overall deformation, the four readings from the duplicate 
specimens were averaged, thus permitting a comparison of the punched and 
drilled specimens as well as a comparison of the average deformations of 
the various types of members tested. 

In general, the measurements of overall deformation reflected the same 
general pull-plate load distribution shown in Figs. 24 through 31. Where the 
east pull plates were more heavily loaded, the east deformation was greater. 
And, just as the loads in the pull plates became more nearly equal as the 
loads approached ultimate, the deformations of the two sides of the specimens 
became more nearly equal. Although the differences in loading on the two 
sides introduced a smaller deformation on one side than on the other, the 
average deformations in Fig. 35 give a general indication of the relative be- 
havior of the various members. 

It is of interest to note in Fig. 35 that at a given load the punched speci- 
mens of any type (shown by dashed lines) deformed less than did the similar 
drilled specimens. This was particularly true of the loads above the normal 
design range. 
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THEORETICAL 
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NOTE: STRAIN READINGS ON SPECIMENS ED! & ED2 
ARE SHOWN ONLY FOR THE INITIAL LOAD TEST. 
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FIG.35 LOAD-OVERALL DEFORMATION CHARACTERISTICS 
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FIG. 36 LOAD-FIRST ROW SLIP CHARACTERISTICS 
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For the sixteen specimens tested, the overall deformation at a stress of 
15,000 psi on the gross section (about 20,000 psi on net section) varied from 
a minimum of 0.024 in. for the BP specimens to a maximum of 0.059 in. for 
the AD specimens, Since these members were only 32 in. between the first 
row fasteners, the usual elastic analysis (based on the gross section) gives a 
computed deformation of 0.016 in. for the member itself; however, the actual 
deformation would be slightly larger. This suggests that slip at the first 
rows and deformation along the length of the two joints should account for the 
balance of the movement or about 0.01 in. for the BP specimens and 0.04 in. 
for the AD specimens. Referring to Fig. 36, we find that at the two first 
rows, the slip in the joints of the BP specimens actually totalled almost 0.01 
in. and in the two joints of the AD specimens almost 0.03 in. The average 
slip and deformation in the two connections of a specimen, therefore, were 
equal approximately to the computed deformation of an additional 4 ft. length 
of the member. This seems to partially justify the use of the distance be- 
tween panel points to determine the deformatin of the members of a truss. 
Such an assumption, although approximate, is probably no more in error than 
many of the other assumptions made in determining the deformations of a 
structure, 

For a given specimen, slip at the first row was obtained at six separate 
points. The measurements at all six points reflected variations in the dis- 
tribution of load and specimen configuration. By averaging all six first row 
slip readings of one specimen with the six from the identical specimen, Fig. 
36 was obtained. Here we see, once again, that at any given load the punched 
specimens generally underwent less average deformation than did the com- 
parable drilled specimens. By taking into consideration the scale of this 
figure and that of Fig. 35, it can be seen that the slip in the two joints was 
equal to about one half of the overall deformation obtained from these com- 
paratively short members. 

The measurement of slip at the last row of rivets yielded only relative in- 
formation on the deformation. These measurements at the end of the joints 
included slip as well as local deformations in the angles and gussets and con- 
sequently are not directly comparable with the other slip data. Nevertheless, 
the deformation of the punched specimens at the last row of rivets was again 
less than that of the drilled specimens and was similar to that shown in 
Fig. 36. 


Discussion of Failures 


Of the sixteen specimens tested, only eight failed initially at the net sec- 
tion. The other eight specimens, fell into two groups: those which failed in 
shear, and those which failed in tension at points other than the net section. 

The behavior of riveted joints has long defied exact analysis; the many 
attempts made in the past century have met with only partial success because 
of the many variables which affect this behavior. As early as 1867 
Schwedler(1) showed that the behavior of a riveted joint at working loads was 
dependent on the friction, thereby extending the observations in 1850 by 
Clark,(1) Since then, this finding has been repeatedly reported, and at one 
time, according to Francis, (9) German specifications used joint friction asa 
basis for design. However, the amount of friction which will exist in a given 
joint is difficult to predict. This fact led American engineers to continue the 
use of design methods which do not utilize friction, but which instead, are 
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based on the areas required for tension, shear, and bearing. 

The most common American specifications(10, 11,12) based on many years 
of experience, assume that designs will be made for equal partition of the 
load to the fasteners in a joint, and specify the use of nominal unit stresses. 
Some investigators have presented statements supporting this practice (Ref. 
13 and 14); however, others have questioned the validity of the assumption 
when a connection is very long (Discussion of Ref. 14). 

Francis,(9) Batho,(15) and others,(1) present observations and calculations 
which indicate that, dependent on the number of fasteners in a line, the end 
rivets of a connection may take 2 to 15 times the load carried by the inner- 
most rivets and that such may represent actual rivet loads of about 1.2 to 2.8 
times that assumed in design. Batho(15) further suggests that increasing 
above five the number of rivets in a line does not materially reduce the load 
on the end rivets. Despite the fact that such elastic analyses are not com- 
pletely suitable for the prediction of the load partition to rivets because of 
joint friction, the change in joint behavior and slip throughout the range of 
loading, and the impossibility of obtaining an ideal joint commercially, they 
do point up the error in assuming equal load distribution. Experiments on 
conventional joints have indicated that load is only partially redistributed 
after yielding and slip occur, 

Because of the unequal distribution of loads along the length of long con- 
nections, a shear failure of the rivets may be a progressive failure. How- 
ever, it should be noted that progressive failure may in reality be quite sud- 
den—so sudden, in fact, that the eye cannot detect the sequence of rivet 
failure. Most likely the first rivet fails after gradually reaching a large de- 
formation, When it fails, the load is very suddenly shifted to the next rivet 
which already has been deformed nearly enough to cause its failure. The 
shock or impact attending the load transfer, shears this second rivet imme- 
diately and seemingly the rivets all fail at the same time. 

An examination was made of the deformations of the specimens tested in 
this program. An unfractured joint from each type of specimen with each 
method of hole preparation was cut from that specimen and sectioned at the 
rivet center lines. These sections gave a complete picture of the relative 
deformation of the rivets in the connections and aided greatly in explaining 
the behavior of the members. 

The unequal rivet deformation and the resulting inequality in the partition 
of load which caused the premature shear failures in the type A specimens 
were evident in the sections of the type A member. All the rivets in the cen- 
ter line of rivets of the joint suffered very small deformations; the two end 
rivets exhibited shear deformations of only about 0.08 in. The end rivets of 
the second line deformed about 0.10 in. and the end rivets of the outer line 
deformed about 0.32 in. This large deformation in the rivets of the outer line 
may be seen in Fig. 37. An enlarged view of the first rivet is shown in Fig, 38. 
Notice how the sharp corner of the hole in the web was deforming the rivet at 
the web-gusset plane and how the severe bending had started to pry off the 
rivet head. 

An inspection of the sectioned connections revealed that the end rivets were 
the most highly deformed, the inner rivets frequently had comparatively low 
deformations, the rivets of the punched specimens were less deformed than 
were those of like drilled specimens, the holes of the drilled specimens en- 
larged more than the holes of the punched specimens, and the first row rivets 
of specimens CD2 and EP1 (both with 10 rows) were probably deformed such 
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FIG. 37 SECTION ALONG OUTER LINE 
OF RIVETS, SPECIMEN AD | 


FIG. 38 CLOSE-UP OF FIRST ROW RIVET 
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that the ultimate strength of the end rivets had been reached. Further load- 
ing of those two joints would probably have caused failure of the rivets. 

The type A and E joints which were refastened with ASTM A325(7) high 
strength bolts failed in tension and sheared several of the bolts. However, 
since the bolts were installed in a specimen which had already been dis- 
torted, direct comparisons should not be made between the riveted and bolted 
connections, 

Shear failures occurred in the AD and ED specimens, all four of which 
were drilled and fastened with 3/4 in. rivets. The rivets of the AD speci- 
mens were hand driven but those of the ED specimens were machine driven. 

From Table 4 it may be seen that the undriven 3/4 in. rivets exhibited an 
average nominal ultimate shear strength of 48,200 psi and the undriven 7/8 
in. rivets an average nominal ultimate of 44,000 psi. A number of previous 
investigators have shown that driving increases the shear strength based on 
nominal diameter by as much as 33 per cent.(16) after driving, increases of 
similar magnitude have been noted also in the tensile strength of rivets. 
Since the properties listed in Table 4 are for undriven rivets, we would ex- 
pect that the ultimate rivet strengths in the connections might be perhaps as 
much as 15 to 20 per cent higher. 

A summary of the maximum nominal shearing stresses which may have 
existed at ultimate will be found in Table 6. These values are based on the 
distribution of load to the east and west pull plates just before failure. 

The only specimens which failed in shear were AD1, AD2, ED1 and ED2. 
The nominal unit shears (from Table 6) at failure of the A specimens and E 
specimens are quite different, yet the ultimate strength in shear of the rivet 
stock for both was about 48,200 psi. Therefore, the nominal shear stresses 
on the A specimen rivets were only about eight-tenths of the ultimate. 
Further, from Table 1, we see that the Tension:Shear ratio (T:S ratio) of 
1.0:0.65 is well below the 1.0:0.75 allowed by current specifications. 

Since the nominal shear stresses were not excessively high, could the 
cause of failure be combined tension and shear caused by the bowing of 
gussets and webs? This question may be answered negatively. Munse and 
Cox(17) show that a rivet subjected to 0.8 of its ultimate shear stress is able 
to resist, in addition, a tensile stress equal to about half its ultimate tensile 
stress, It appears unreasonable then to assume that tension plus shear could 
have been the principal cause. From an examination of the joint deformation, 
it would appear that the shear failures of the A and E specimens were due to 
two causes, singly or in combination: excessive deformation of the end rivets 
in a long joint, and failure to distribute the rivets on gage lines in proportion 
to the corresponding cross sectional areas. This latter point has been raised 
previously by other authors, (€-g., Ref. 13) 

Since the A joint was only 7 rows long, the effect of the length of joint was 
probably minor compared with the second effect. A comparison of the dis- 
tribution of area to the five lines of rivets indicates that the outer lines of 
rivets each connected 3,42 sq. in. of net area (using AREA areas) or 34.1 per 
cent of the total. The three inner rows each carried 1,06 sq. in., or 10.6 per 
cent of the total. Immediately we see by this crude analysis that the materi- 
al in the two outer lines of rivets contained 68 per cent of the net area of the 
joints but only 40 per cent of the rivets, From the maximum gusset load for 
the A specimen as given in Table 6, the unit shear on the outer lines of rivets 
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TABLE 6 
APPROXIMATE MAXIMUM NOMINAL SHEAR ON RIVETS 


Speci- % of Est. Max imum Rivet 
men Load Mex. Load Nominal Unit Size, 
in on Gusset, Shear, in. 
Gusset 1000 lb. Gusset, psi 
sq. in. 
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* Rivets failed. 


38 ,500# 3/4 
oF 52 259 35,900 1/8 
] BD2 56 280 38 ,800 7/8 
BP1 54 249 34,500 7/8 
BP2 51 234 32,500 7/8 
52 453 37,700 1/8 
CDe 51 459 38 ,200 7/8 
DDL 50 225 6 37,400 7/8 
50 222 6 36 ,900 7/8 
DP1 52 228 6 900 7/8 
DP2 52 233 6 38,800 7/8 
EDL 53 383 8. 46 ,000# 3/4 
| ED2 51 357 8. 42 ,900* 3/4 
EP1 54 399 8. 47,900 3/% 
EP2 51 374 8. 4k 3/4 
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This high unit shear undoubtedly did not exist at failure because of a partial 
redistribution of load after yielding. However, it is of considerable interest 
to note that this computed ultimate shear stress is only about 37 per cent 
greater than the ultimate shear strength of the undriven rivets; as noted 
earlier, the driving could have produced an increase of as much as 33 per 
cent. It may be recalled also that only the rivets in the angles of Specimen 
AD2 sheared and then the web tore, indicating that the shear on the outer 
lines of rivets was excessive, Consequently, it would seem desirable to 
proportion the rivets in such a connection on the basis of the contributing 
cross sectional areas to more nearly equalize the loads on the rivets. 

e A redesign of the A specimens on the basis of area distribution, maintain- 
p ing the same net section and approximately the same number of rivets, would 
give twelve rivets in each outer line, and four rivets in each inner line. Such 
a joint would not be acceptable to many engineers because of the excessive 
length of the joint and the large pitch along the inner lines of rivets which 
would make these rivets less effective. One means of reducing the length of 
such a connection proportioned on the basis of area would be to increase the 
rivet diameter, another would be the use of lug or clip angles. However, the 
use of lug or clip angles to transfer some of the load from the member to the 
* gusset may not be a fully satisfactory solution in view of the observations of 
Wyly, (18) Shedd(19) and others.(1) The use of clip angles has been examined 
by few investigators and might well receive additional attention. 

As noted earlier, drilled specimens ED1 and ED2 failed in shear at loads 
below those at which the like punched members failed in tension, although 
many investigators have held that drilled joints are to be preferred. Table 6 
shows that the average nominal unit shears on the rivets of the punched speci- 
mens actually were higher than the average nominal shears on the drilled 
specimens. 

In recent literature on the strengths of joints prepared by drilling and 
punching, this apparent higher shear strength of punched specimens has not 
been noted because most of the investigators have designed their joints to a 
assure tension failures. Similarly, by using a T:S ratio of 1.0:0.68, it was g 
assumed that tension failures would occur also for all of the E specimens. a 
However, the design of the Type E specimens resulted in joints which were 4 
closely balanced with respect to shear and tension. This balance was af- a es 
fected by the method of hole preparation; the punched holes actually providing an 
stronger joints, by a few per cent, than did the drilled holes. Interestingly 
enough, this same paradox had been noted some ninety years ago by 
Maynard, (1) 

It will be recalled from Figs. 35 and 36 that the performance of all the 
punched specimens at any given load was better than that of the corresponding 
i drilled specimens in one other respect—the deformation or slip was smaller. 
t This may be a clue as to why the punched specimens did not fail in shear even 
at nominal unit shearing stresses equal to or greater than those which caused 
rivet failure for the drilled specimens. One reason for this difference in 
shear strength may be the sharpness of the edge of the drilled holes. Another 
reason may be the keying action produced by the slight depressions and burrs 
left on the surfaces of the connected parts by the punching. These burrs, 
under the forces produced by tension in the rivets, may act as shear keys and 
impede the shearing deformation of the joints. 

; This still leaves the question: why did the drilled E specimens fail in 
: shear when they were thought to be overdesigned to assure tension failures? 
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The highest nominal unit shear on the drilled E specimens was 46,000 psi 
while the undriven rivets had a coupon strength of 48,200 psi. If no allow- 
ance is made for increase in strength due to driving, we find that this shear 
was Only 95 per cent of the ultimate; but, with a moderate increase in 
strength of only 15 per cent from driving, the nominal shear in the connec- 
tion would have been only 83 per cent of the expected ultimate. One factor 
which might result in such an unanticipated failure is the length of the joint. 
A number of years ago Jones(14) warned that perhaps the unit shear allowed 
for a long joint should not be as great as that permitted for a short joint. The 
apparent lower joint strength of the drilled E specimens may be a result of 
the highly unequal distribution of rivet loads which occur along the length of 
such a joint. On the basis of these few tests and the other test data in the 
literature, it appears that only about eight rivets can be placed in a line if 
they are to develop their full collective shear strength. At working stresses 
where the load is carried principally by friction, longer joints behave satis- 
factorily but may give a false sense of ultimate strength because of their re- 
duced ultimate shearing capacity. 

Two types of the tension failures which warrant attention are the gusset 
plate failures of specimen AD1 and the failures at the lacing bar connections 
for all four of the type B specimens. The final gusset failures of AD1 were 
largely the result of the relatively high stress concentrations. A number of 
other investigators(1,20,21) have shown the importance of these stress con- 
centrations. The gusset net section area, 35.63 sq. in. (AREA), was 176 per 
cent of the net section of the specimens and undoubtedly would have been 
more than sufficient had the gussets been narrower but thicker. As shown by 
Liider’s lines in the whitewash, the stress concentrations caused yielding of 
the gusset at the last row rivets at a load of 400,000 lb. This crude evalua- 
tion suggests a stress concentration of slightly more than three. The gusset 
plate tore at a nominal average stress of about 35,000 psi, a stress higher 
than that reached by any other specimen. In the test of AD1 it was noticed 
that after the first shear failure at 1,155,000 lb., the east gusset had necked 
down considerably at the last row of rivets. Upon reloading, the gussets 
failed before the rivets of the upper joint sheared. However, it should be 
pointed out that the upper joint of AD1 was near the point of shear failure, 
This is evident from an inspection of the joint section in Fig. 37 and of the 
rivet shown in Fig. 38. The loss of this rivet head at the first row would 
probably have started a progressive shear failure throughout the remainder 
of the joint. 

The other type of tension failure which was unexpected was that shown by 
the B specimens. The AREA net section of two angles at the first row of 
rivets was 4.31 sq. in. and yet failure occurred in the two angles at a point 
having an AREA net area of 4.97 sq. in., 15 per cent greater. The reason 
for this unusual failure was the effect of the lacing bars, which actually con- 
tributed to the failures. There were three laced specimen types but only one 
exhibited this unusual failure pattern. 

The type D specimens had a very small net area to gross area ratio—63 
per cent; the type B specimens with the same size angles, rivets, and lacing 
bars had a net area to gross area ratio of 75 per cent; thus, failures at the 
net section would be expected to occur in the D specimens at lower total loads 
since both specimen types had the same cross section at the lacing rivets. 
This, then, is one explanation why the D specimens were more likely to fail 
at the net section than were the B specimens. A second reason lies in the 
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contribution of the lacing bars to the loading in the angles. Some of the lacing 
bars in the B specimens exhibited stresses which were somewhat higher than 
those stresses in the D specimen lacing bars. These tensile forces acted as 
concentrated loads at the lacing rivets thereby further stressing the member 
angles which were already subjected to axial tension. This bending stress 
applied by the lacing increased the tensile stresses on the toes of the angles 
at the lacing rivets and the combined stresses caused failure sooner than 
would have otherwise occurred. 

By means of an approximate analysis the conditions can be determined 
which would have had to exist to induce failures at the lacing connections. At 
failure, the center lacing bars of the B specimens would have had'to have a 
gross stress of about 6000 psi by such an analysis. This is in reasonably 
good agreement with the maximum stress measured at the lacing bars and 
shown in the lower portion of Fig. 32. The D specimens, by similar analysis, 
would require a lacing bar stress of about 8000 psi to produce the same type 
of failure. However, this stress was not reached by any of the D specimens 
lacing bars. Because the E specimens had angles of greater stiffness than 
those used in the B and D specimens, the secondary effects from the forces 
in the lacing bars were comparatively small. Accordingly, none of the E 
specimens failed at the lacing connections. Therefore, although the lacing 
bars may have affected the ultimate strength of the B specimens by perhaps 
10 per cent or less, they did not appear to affect materially the ultimate 
loads of the D and E specimens, 

Lacing in a tension member is used to assist in handling in the field and 
the shop, thus avoiding local buckling, and to adjust the shears in the member 
which result from unequal loading. Scott and Cox(22) indicate that in actual 
service, each of the lacing bars of a floor beam hanger composed of two 12 in. 
channels carried less than 1000 lb. total load. They concluded that, for work- 
ing loads, continuous lacing, properly spaced, appeared to be or. to tie 
the main components of the hanger together. Earlier, Wyly et al (18) had ob- 
served that hangers composed of two channels which are connected with oc- 
casional tie plates did not act as a unit, but as two individual members which 
were subjected to severe racking stress. Thus, on the basis of the data re- 
ported herein and the observations of others, it seems that where a solid web 
is not warranted, lacing bars will provide a suitable tie; however, the solid 
web would be preferable. 

Although it did not produce failures of the members, a great deal of warp- 
ing and bending occurred in the angles and gussets at the outer ends of the 
type E connections. This deformation in the long connections would have been 
reduced greatly if the batten plates had extended the entire length of the joint. 
In the B and D specimens which had comparatively long tie plates, this de- 
formation was not apparent. 


Analysis of Joint Efficiencies 


In the United States the three most commonly used specifications present 
the same rule for the computation of the effective net section of a tension 
member. The specifications of the American Railway Engineering Associa- 
tion (AREA),(10) The American Association of State Highway Officials 
(AASHO),(11) and the American Institute of Steel Construction (AISC),(12) al- 
though in slightly different words, all provide what is subsequently referred 
to as the AREA Rule for tension net areas. 


é 
\ 
Pi | 
= 
] 
ates 
| 
| 
| 
ah 
| 


1150-54 ST 1 January, 1957 


The several specifications present somewhat different requirements for 
angles in tension which are connected through one leg or which may be sub- 
ject to bending. However, all three specifications require the following 
whether the method of hole preparation is drilling, sub-punching and ream- 
ing, or punching: 


“The diameter of the hole shall be taken as 1/8 inch greater than 
the nominal diameter of the rivet.” 


2 
The history of the acceptance of the AREA iz Rule has been conveniently 


summarized in an article by C. H. Chapin, (23) who also mentions some of the 
other rules for net section determination used in the 1920’s. Some of these 
latter rules specified that the net section along a diagonal line of holes should 
be from 10 per cent to as much as 40 per cent in excess of that along a trans- 
verse line.(19,23,24) It has recently been shown by W. G. Brady and D. C. 
Drucker,(25) based on their limit analysis and tests of flat plate specimens 
with open or plugged holes, that the s*/ 4g rule corresponds to an approxi- 
mate upper bound at yielding for a riveted joint. The so-called Modified AREA 
Rule differs from the AREA Rule only in that the actual hole diameter is used 
in computing the net width. 

- Two other suggested design rules, which are based on empirical studies, 
are those of W. M. Wilson (presented in a discussion of a paper by Davis, 
Woodruff, and Davis(14)) and F. W. Schutz, Jr.(26) The first of these has not 


-been used in the analysis and review of these tests and, since it is readily 


available in the literature, will not be repeated here. The second, known as 
the Relative Gage Rule, has been used to examine the results of these tests 
and may be expressed as follows: 


Effective Net Section 


“In the case of a Chain of holes extending across a part in a zigzag, 
diagonal or straight line, the effective net section of the part shall be the 
summation of the effective net sections of all the gage strips along the 
chain of holes. No chain of holes shall be considered which has a gage 
strip with a pitch of 2/3 or more of the gage of that strip. 

The critical net section of the part is obtained from that chain which 
gives the least effective net section, 

A gage strip is the portion of the part bounded by the longitudinal 
center lines of two successive holes in the chain of holes being investi- 
gated. A transverse edge distance is considered as one half of a gage 
strip which has a gage twice the edge distance. The effective net section 
of a gage strip is the product of the effective net width and thickness of the 
strip. 

The effective net width (E. N. W.) of a gage strip shall be determined 
by the following equation: 


E. N. W. = 1.05 (g - 0.9d) KH but not more than 0.87 gKH 
where 


d = Actual hole diameter 

g = Transverse spacing (gage) of any two successive holes 

K = 0.82 +0.0032R but not more than 1.00 

R = Reduction in area of standard control coupons in per cent 
H = 1.00 for drilled holes; 0.862 for punched holes.” 
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With respect to the Relative Gage Rule, the following points should be em- 
phasized: (1) It is necessary to deal with each gage strip separately and then 
to determine a weighted effective area. (2) Actual hole diameter is used in 
contrast to nominal connector diameter plus 1/8 inch as is now customary. 
(3) A marked distinction is made between punched and drilled holes. (4) No 
effect is reflected in the formula for varying the stagger between the condi- 
tions of no stagger and s/g of 2/3, (5) The rule sets an upper bound of ef- 
fective net width, indicating that the use of a gage of more than about 5.25 
times the actual hole diameter does not increase the efficiency of a joint. 

(6) Some estimate of the ductility of steel must be made. 

Test Efficiency as used in this report may be defined as the ratio in per 
cent, of the ultimate test load to the expected strength of the gross section 
based on the average coupon strength of the specimen at the critical section, 
The computed test efficiencies, the predicted efficiencies, and the ratios of 
these efficiencies are shown in Table 5 along with data on the ultimate 
strength of the specimens, AREA design loads and the resulting factors of 
safety. To convert the design loads to those allowed by AISC, the tabulated 
values must be multiplied by 20/18, 

From the ratios of predicted efficiencies we see that the AREA Rule pre- 
dicted, on the average, values which were 6.3 per cent high based on initial 
failure loads only. The Modified AREA Rule gave results which averaged 
8.9 per cent too high. The Relative Gage Rule gave results 11.8 per cent too 
high on the average, for all the drilled specimens, and 2.8 per cent low for 
all the punched specimens. If we consider only those specimens having 
initially net section failures, we find that: the AREA Rule gave averages 3.0 
per cent high; the Modified AREA Rule gave values 5.8 per cent high; the 
Relative Gage Rule drilled predictions were 8.5 per cent high and the punched 
predictions averaged 6.5 per cent low. On the basis of these few tests, it ap- 
pears, then, that of the design rules compared, the AREA Rule gave the best 
agreement for truss-type members, 

A comparison of the predicted AREA efficiency and test efficiency is pre- 
sented graphically in Fig. 39. If we approximate the net section failures with 
a straight line, we may obtain the following empirical relationship for test 
efficiency: 


Test Efficiency = 24.5 + 0.63 (AREA Efficiency) Eq. 1 


but since 


2 
AREA Efficiency = | “c ~Lp Eq. 2 
tg | x 100 q 
G 


Efficiency 


Effective Net Width (ENW) = 100 


x Wo Eq. 3 


then we may obtain, 
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Ss Eq. 4 
ENW = 0.245 W, + 0-63 q 


This may be closely approximated by 


ENW = 0.875 W, -)2 D +), 


where 


Wg =sross width of section 
D =nominal fastener diameter plus 1/8 in, 
S = pitch (stagger) of any two successive holes in the chain 
g =gage of same holes 


Equation 5 was derived on the basis of the eight net section failures. From 
a comparison of the values of efficiency predicted by this equation and the test 
efficiencies for all sixteen specimens, we find that the predicted values are 
2.4 per cent too high as compared to 6.3 per cent forthe AREA Rule. The 
eight net section failures are predicted 0.5 per cent too high rather than 3.0 
per cent by the AREA Rule. By using Equation (5), all initial failures are 
predicted to within + 10 per cent and - 1 per cent, whereas the predicted 
AREA values varied from +15 per cent to - 2 per cent, 

Equation (5) cf this report has not been applied to any other specimens ex- 
cept those reported in Reference 8. Nor is it presented as a recommendation 
for effective net width determination, but only as a curve of “best fit” for the 
present tests. The scarcity of full scale tests on double plane members will 
not allow as extensive a statistical comparison as has been made with other 
rules for predicting efficiencies of flat plates. Further, the above equation 
is limited in application to double plane members, and should not be applied 
to single plane members, although if used for flat plates, the results obtained 
would probably be more conservative than those obtained from the AREA 
Rule. 

In order to understand more fully the significance of studies on the effi- 
ciency of riveted joints, it may be well to consider some of the factors which 
are not satisfactorily reflected in the derivations or analyses of joint effi- 
ciencies. 


(1) The possible variation due to rolling tolerances(5,6) is + 2.5 per cent. 
No method for the prediction of efficiency can remove this source of variation. 
(2) Wilson, et al., (27) have pointed out that identically fabricated labora- 
tory specimens may vary in strength by as much as 10 per cent. Obviously, 

then, the variables of fabrication introduce an unpredictable effect in any 
joint, the magnitude of which can only be determined by a destructive test. 

(3) Current specifications (this does not include the Relative Gage Rule(26)) 
do not limit the maximum efficiency of a joint. And, contrary to the design 
formulae, few joints have been reported in the literature with test efficiencies 
above 88 per cent. An upper limit of 75 per cent has been suggested by Davis, 
Woodruff and Davis(14) and Wilson(14) has suggested 85 per cent. Other 
recommended maximum efficiencies may be found in the literature.(1) This 
absence of an upper limit is perhaps one of the most questionable points of 
current specifications. 


ASCE 
if 
id 
i 
ii 
; 
4 
i 
a 


1150-58 ST 1 January, 1957 


(4) No current specifications penalize punched holes. Various tests during 
the past century have shown both that punching may or may not reduce the 
strength. The results of the tests reported herein suggest that punching re- 
duces the strength only slightly, if at all, and that in long joints a punched 
hole may actually increase the strength, if shear is critical. The Relative 
Gage Rule(26) suggests that punched holes are only 86.2 per cent as strong 
as drilled holes, thereby permitting a maximum of 75 per cent efficiency for 
punched joints. 

(5) No specification now distinguishes between single plane and double 
plane joints, although a difference in behavior is taken into account in some 
specifications for angles connected by one leg. It is felt that a shear lag 
such as was noted in the tests by Fuller, et al.,(8) reduces the effectiveness 
(to about 82 per cent) of the webs of truss-type members and accounts for a 
large part of the difference between test efficiencies and those predicted by 
present design rules. 


CONCLUSIONS 


The following conclusions are based on the results of the tests and studies 
reported in this paper. 


(1) Adherence to current design stresses does not necessarily insure a 
balanced design (i.e., a design in which, at ultimate, the member is likely to 
fail in either shear or tension); shear failures may be expected in long truss- 
type joints of “balanced design.” 

(2) Large connections should be proportioned such that the distribution of 
rivets in a joint is similar to the distribution of areas connected by the rivets. 

(3) Members with drilled holes in the connections are more susceptible to 
shear failures than are similar punched specimens. In addition, the shear 
strength of the drilled member can be expected to be slightly smaller than 
that of the punched member. 

(4) Punched and drilled truss-type members of the same joint pattern and 
of 3/8 to 1/2 in. thick material may be expected to have approximately the 
same efficiencies. However, it should be pointed out that for thicker materi- 
als or for members subjected to loading conditions other than that used in 
this investigation, the efficiencies of similar drilled and punched members 
may not necessarily be the same. 

(5) The use of lacing bars in tension members provides a secondary load- 
ing which may reduce the strength of the members. To reduce the likelihood 
of tensile failures at the lacing rivets, the edge distances at these rivets 
should be made as large as possible, and the lacing bars as small as feasible. 

(6) Of the several design rules considered, the AREA net section rule ap- 
pears to give the best agreement with the test efficiencies of these truss- 
type members. 

(7) In view of the lack of complete agreement between theoretical and test 
efficiencies, and the unpredictable variations in the materials, it is doubted 
that complicated formulae for the design of tension members are justified. 
Because of the simplicity of application and our familiarity with the current- 
ly specified rule, it would seem desirable to retain the present net-section 
rule as a basis for design but to institute a suitable upper limit on efficiency 
or effective net section, Such a procedure, would correct the most serious 
defficiency of the current specifications for tension members and would 
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provide, for riveted connections, a predicted or theoretical efficiency which 
does not differ greatly from the test efficiency. 
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CHOICE OF COMPOSITE BEAMS FOR HIGHWAY BRIDGES 


Harry Subkowsky,! J.M. ASCE 
(Proc. Paper 1151) 


SYNOPSIS 


In designing composite beams for any given loading condition, several 
rolled beam sections could be used which would satisfy the usual limiting 
stresses, depending on the size of the cover plate welded to the bottom flange 
of the rolled section. 

This paper presents a series of design charts for the rapid selection of 
rolled beams and cover plates based on economic sections of steel when used 
as stringers in simple span composite highway bridges. A description of the 
charts, their uses, and the assumptions made in the computations for the 
charts are given. The figures presented consist of seven charts. The princi- 
pal charts are given as Figures 1 through 3. The minor charts are given as 
Figures 4 through 7. 


Description of the Charts 


Figures 1 and 2 show curves which relate span length, beam spacing, and 
beam choice for AASHO Standard H 20 - S15 Highway Loading. Each figure 
represents a different depth of wearing surface placed on the structural slab, 
as follows: 


Figure 1: A 7-inch structural slab carrying a dead load wearing surface 
equal to a 2 1/2-inch depth of concrete 

Figure 2: A 7-inch structural slab carrying a dead load wearing surface 
equal to a 4-inch depth of concrete 

Figures 3 through 7 consist of the following: 


Figure 3 presents a rapid means of determining the required size of bot- 
tom cover plate for the span and beam spacing under consideration. 


Note: Discussion open until June 1, 1957. Paper 1151 is part of the copyrighted Journal 
of the Structural Division of the American Society of Civil Engineers, Vol. 83, No. 
ST 1, January, 1957. 


1. Civ. Engr., Goodkind and O’Dea, Cons. Engrs., Hamden, Conn, 
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Figure 4 presents a chart aiding in the preliminary choice of beams other 
than interior beams, as fascia and mall beams. 

Figure 5 relates span length to theoretical length of cover plate, based on 
an allowable steel stress of 18,000 lbs. per sq. in. 

Figure 6 relates the approximate actual moment of inertia about the neu- 
tral axis when n = 10 to the value of the factor “K.” 

Figure 7 relates the static moment “Q” of the effective concrete area 
about the neutral axis of the composite section to the value of the factor 


Basis of Charts 


The basis for these charts is as follows: A 7-inch by 84-inch effective 


4 flange of concrete is considered to act with various rolled beams as a compo- 
«4 site section. Moments of inertia are taken about Axis A-A, located through 
| the top of the steel beam, as shown in Figure 8. For each combination of slab 
4 and beam, a value for the moment of inertia about Axis A-A is given as Fac- 
a tor “K” where 
K = 7000 


A study of the “K” factor for various beams in each beam series, such as 
E the 36-inch Wide Flange having a 12-inch flange width, showed that the light- 
4 est beam in each series is the most economical to use on the basis of weight 

a, of steel. 

A series of trial beams with cover plates of various sizes was then inves- 
tigated and, for constant beam spacing, a span length for each beam was de- 
‘ termined by trial and error such that stresses were kept within 18,000 lbs. 
4 per sq. inch. 

The span lengths were plotted against the total “K” factor, and a series of 
curves was obtained for beam spacings of 7, 8, and 9 ft., center to center, as 

; shown in Figures 1 and 2. 

f 4 Since the individual beam curves for any particular beam spacing overlap 
at a given span, an economic limit for each beam series was determined on 
the basis of total area of steel in the cross-section. At this span, a vertical 
line to the next series indicates a desirable change in beam series, based on 
economy of steel. This applies to beams lighter than the 36 WF 150. Above 
this, compression in the upper flange of the steel beam begins to limit the 

re span which may be used. Since use of a top cover plate is not considered in 
oka this paper, the span limits of beams above the 36 WF 150 in these charts are 
h 4 governed by the compression in the top flange. 

Table 1 gives “K” values of the beam and slab combinations for the no 
haunch condition shown in Figure 8. 

Knowing the total required “K” for the span and beam spacing from 
Figures 1 or 2 and knowing the amount of “K” supplied by the beam and slab 
section, it then becomes a matter of supplying the difference in “K” by the 
use of a bottom cover plate. This area of plate required can be computed, 
using an assumed plate thickness, from the formula: 
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Since Ice may be neglected due to its small value, 


1000 Kprar 


= 


where y = distance from center of gravity of the plate to the top of the steel in 
inches. 

For convenience, Figure 3 presents a rapid means of selecting the re- 
quired cover plate. For each beam section used, values of a 1/2-inch thick 


and 1-inch thick plate are plotted as a function of the area of the plate and the " 
“K” of the plate. For other plate thicknesses, values may be interpolated S 
from the thicknesses shown. i 

Where beams are designed with a haunch, the values shown are sufficiently 
accurate for selection of a first trial section. If, for example, a 2-inch yr “ 


haunch is to be used, the charts using no haunch will give results within 1.5’ 
of the actual limiting span and on the safe side. 


Assumptions Used in Development of the Charts 


In developing the charts, the “Standard Specifications for Highway Bridges” 
of the AASHO (1953) were used; however, certain assumptions were made to 
reduce the number of variable factors and to produce a regular type of curve. 
These assumptions are as follows: 


1. The total dead load weight is carried by the beam and cover plate and 
consists of the weight of a 7-inch slab, plus the beam and cover plate weight, 
plus an allowance for diaphrams, rivets, and other miscellaneous items equal 
to 10% of the weight of the steel beam and cover plate. 

2. The slab is a 7-inch thick concrete slab and the effective flange is 84 
inches wide. 

3. The H 20 - S 16 live load, including impact, is carried by the composite 
concrete and steel section with the concrete having a value of n = 10. 

4. The wearing surface is carried by the composite concrete and steel sec- 
tion with the concrete having a value of n = 30. 

5. No temporary supports are used during construction. 


Examples of Use—Interior Beams 


It is desired to select an interior rolled beam and cover plate for the fol- 
lowing conditions: 


Example 1: Span—73 ft. center to center of bearing 
Spacing of Beams—7 ft. center to center 
A 4-inch wearing surface is to be placed 

over the structural slab. 


Enter Figure 2 with 73-ft. span as the abscissa. At the lowest curve, 
representing a 7-ft. center to center spacing, read a factor “K” equal to 46.2. 
The 36 WF 150 rolled beam and slab supplies a “K” value of 24.2. The dif- 
ference in “K” between the 46.2 required and the 24.2 supplied or 22.0 must 
be made up by the cover plate. In Figute 3, with abscissa equal to 22.0 read 
for one inch depth of plate used with a 36 WF 150 rolled beam, a required 
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area of 16.6 square inches. Thus, a practical choice of 1-1/8 inch by 15 inch 
cover plate might be made. 
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Example 2: Span—73 ft. center to center of bearing 
Spacing of Beams— 7 ft.—6 inches center to center 
A 4-inch wearing surface is to be placed over the 
structural slab. 


Enter Figure 2 at 73-ft. span. At a7.5 - ft. beam spacing, note that inter- 
polation for values of “K” is required. At 7-ft. spacing, a 36 WF 150 is the 
economic choice of beam. At 8-ft. spacing, a 36 WF 194 rolled beam is the 
economic choice. Use the value of the heavier section and extend its curve 
on the 7-ft. center to center spacing until it intersects with a span of 73 ft. 
and read “K” equals 48.4. An 8-ft. center to center beam spacing, using a 
36 WF 194 rolled section, requires a “K” value of 55.4. Thus a direct pro- 
portion for 7.5-ft. spacing gives “K” equal to 51.9. Since the table shows a 
36 WF 194 rolled beam and slab has a “K” equal to 32.0, a cover plate sup- 
plying 19.9 “K” units must be used. From Figure 3, this can be a 1-inch 
plate supplying 14.5 sq. inches or, as a practical choice, a 1-1/8-inch by 13- 
inch plate. At 7-ft.—3-inch spacing, the “K” required by interpolation is 
50.15. The beam and slab supply 32.0; therefore, the plate must supply a “K” 
equal to 18.15. From Figure 3, use a 1-inch by 13.2-inch or, more practical- 
ly, a 7/8-inch by 15-inch plate. 


Fascia Beams 


Since the charts, Figures 1 and 2, are based on interior beams only, 
Figure 4 was developed for determining the size of exterior and mall beams. 
This chart, giving less accurate results than Figures 1 and 2, is still suf- 
ficiently accurate to permit rapid selection of a beam and cover plate for a 
first trial. The method for use of Figure 4 is as follows: 

For the span involved, assume a rolled section and cover plate and com- 
pute maximum dead load moment carried by the steel section only. For the 
span, compute maximum live load moment, including impact. Add to the live 
load moment any dead load added after the slab and steel have become com- 
posite; such as, a wearing surface, sidewalks, rail, etc. 

Enter Figure 4 at any trial value of “K” and read horizontally until the 
two curves are intersected. Read vertically down from the intersection with 
the curves and secure section moduli values in the extreme fibre of the bot- 
tom of the steel section. The dead load moment, divided by the section modu- 
lus of the curve for the steel section, plus the live load and wearing surface 
or sidewalk moment, divided by the section modulus of the curve of the com- 
posite section, should not exceed a steel stress in the bottom fibre of 18,000 
lbs. per sq. inch or the allowable steel stress being used. If the section 
moduli supplied by the trial “K” value are too great, resulting in too low a 
steel stress, select a lower value of “K.” When a “K” value has been found 
that supplies the proper section moduli, select a rolled beam with a *K” 
value equal to about 2/3 the required “K.” Then supply the balance of “K” 
by the proper size cover plate from Figure 3. 


q Example 3: Dead Load Moment = 6500-inch kips 
eg Live Load Moment (Including Impact) = 4000-inch kips 
4 Moment due to sidewalks, rail, etc. = 3000-inch kips 


Total Composite Moment = 7000-inch kips 
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For K = 36.0 from Figure 4, read section moduli of 765 and 1035. Since the 
moment divided by the section modulus is equal to the steel stress in the ex- 
treme fiber or 


M/S = f = 6500/765 = 8.50 
M/S = f = 7000/1035 = 6.76 


f Total = 15.26 kips per sq. inch 
When K = 30.0, section moduli equal 660 and 905 


6500/660 = 9.85 
7000/905 = 17.74 


f Total = 17.59 kips per sq. inch 
When K = 28.5, section moduli equal 630 and 875 


6500/630 = 10.30 
7000/875 = 8.00 


f Total 18.30 kips per sq. inch 
Use K = 29.2 
2/3 of 29.2 = 19.5 


A 33 WF 130 rolled section supplies a “K” equal to 18.2; therefore, the 
plate is required to supply a “K” equal to 11.0. From Figure 3 this is a 1- 
inch by 9.8-inch plate or, more practically, a 1-inch by 10-inch plate. An- 
other possible combination could be a 36 WF 150 rolled section (K = 24.2) 
and a plate supplying the difference in “K” or 5.0 units. This would be a 1- 
inch by 3.9-inch plate or, more practically, a 1/2-inch by 8-inch plate. The 
actual stresses due to any choice should be carefully checked as Figure 4 is 
for selection of the first trial section only on a fascia or mall stringer. No 
allowance for the composite section when n = 30 has been made in view of the 
possible variations in sidewalk widths, fascia overhangs, etc., for each 
structure. 


Minor Charts 


Figures 5, 6, and 7 permit rapid selection of approximate lengths of cover 
plate and shear connector pitch for interior beams. For the required length 
of cover plate, enter Figure 5 at the span under consideration and at the in- 
tersection with the 7-ft. center to center curve read the theoretical length of 
cover plate required as the ordinate. Repeat this for the 9-ft. center to center 
curve. Interpolate, if necessary, for the spacing of the beam under consider- 
ation. Where required, extend the lines for the beam under consideration to 
the span involved. To the theoretical length obtained, add an additional length 
as required by design practice (usually two times the width of cover plate 
used). Note that Figure 5 is based on an allowable steel stress of 18,000 lbs. 
per sq. inch and a 4-inch wearing surface. The lengths of cover plates shown, 
if used with a 2 1/2-inch wearing surface, will be on the safe side. 

Figures 6 and 7 are useful in computing the required pitch of the shear 
connectors. Figure 6 relates the factor “K” for the total section to the actual 
moment of inertia about the neutral axis when n = 10 and Figure 7 relates the 
factor “K” for the total section to the value of the static moment of the 
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concrete about the neutral axis when n= 10. These values are useful in solv- 
ing the equation 


Fwl 


where S equals the spiral pitch in inches, Fw equals the shearing force trans- 
mitted per pitch, I equals the moment of inertia of the composite section 
about its neutral axis in inches 4, V equals the vertical shear, and Q equals 
the static moment of the effective concrete area about the neutral axis of the 
composite section, 


CONCLUSIONS 


In addition to aiding in the design of composite beams and cover plates, 
these charts facilitate the economic choice of beam spacing for a given con- 
dition. 

For actual design of interior beams, Figures 1 and 2 are within the accu- 
racy commonly used in design and may be used directly as a basis for design. 
Use of the charts may be made for structural slabs having thicknesses of 
6-3/4 inches or 7-1/4 inches without seriously affecting their accuracy. The 
charts, neglecting any haunch, always give results on the safe side if a haunch 
is actually used. 

With practice in the use of these charts, various interpolations may be 
made for preliminary designs where conditions are different from those as- 
sumed in determining this particular series of charts. 

Based on the principles outlined, it is also possible to construct a series 
of charts where conditions differ appreciably from those used as the basis 
for this series of charts. 
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MOMENT OF INERTIA AT NEUTRAL AXIS (n= 10) 
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McKee, and E. Sevin. (Proc. Paper 915. Prior discussion: 1067. ays 
Discussion closed.) 
Corrections to discussion by E. Cohen and E. Laing......... 1156-9 | 
by E. L. McDowell, K. E. McKee, and E. Sevin (Closure)...... Se 
Development and Design of the Walt Whitman Bridge, by Milton i. | 
Brumer and C. W Hanson. (Proc. Paper 1019. Prior discussion: 
1112. Discussion closed.) 
Moments in Flat Slabs, by Mark W. Huggins and Watone Li Lin. 
(Proc. Paper 1020. Prior discussion: none. Discussion closed.) 


Note: Paper 1156 is part of the copyrighted Journal of the Structural Division of the 
American Society of Civil Engineers, Vol. 83, ST 1, January, 1957. 


1156-1 


i 
= 


January, 1957 


Simplification of Design by Ultimate Strength Procedures, by Phil M. 


Ferguson. (Proc. Paper 1022. Prior discussion: none. Discussion 
closed.) 


by H. S. Schick . 

by Zdenék Sobotka.... 

by Milan Spanovich ... 


Stresses in Pressure Pipe Lines and Protective Casing Pipes, by M. 


G. Spangler. (Proc. Paper 1054. Prior discussion: none. Discus- 
sion open until February 1, 1957. me 
by Walter Lum : 


Page 


* ay 
af 1156-2 ST1 
. 1156-39 
a 
4 
“ah 
a! 
q 


1 


Discussion of 
“ELASTI-PLASTIC DESIGN OF SINGLE-SPAN BEAMS AND FRAMES” 


by Herbert A. Sawyer, Jr. 
(Proc. Paper 851) 


HERBERT A. SAWYER, gr.,} M. ASCE.—None of the interesting discus- 
sions questioned the correctness of the elasti-plastic method presented in 
evaluating the carrying capacity of single-span structures of any material. 
The issue raised in the discussions, which the author agrees is worthy of 
further consideration, is whether the capacity of any structure made of the 
most ductile structural material, steel, is not adequately evaluated by a con- 
venient plastic analysis, and extensive testing of steel frames was cited as 
evidence of the adequacy of such an analysis. 

However, elasti-plastic analyses of the test structures and loadings indi- 
cate that these tests, valuable as they are, are not conclusive in showing the 
adequacy of plastic analyses. 

For the elasti-plastic analyses of the test frames, it was assumed that the 
moment-curvature relationship presented by Mr. Ketter, Fig. A, in the slight- 
ly modified form shown in Fig. 18, with kg = 11.67 and My/Me = 1.05, was 
effective. For this type relationship and for a moment diagram of the type of 
Fig. 4(c) the plastic angles were calculated by the following easily derived 
equation: 


These analyses showed that the theoretical elasti-plastic and plastic 
strengths of all the test frames except the fourth frame of Mr. Beedle’s Fig. 1 
and the second frame of his Fig. 2 were practically identical. 

Thus, nine of the eleven frame-and-loading types tested had, in theory, 
sufficient curvature capacity to develop plastic hinges at all necessary points, 
and for these there is no question of adequacy. The question of adequacy 
arises for frames with curvature capacities which are deficient according to 
elasti-plastic theory, of which evidently only two types have been tested. 

Unfortunately, the frequency of such frames may well be greater in prac- 
tice than in the cited tests. Much of the testing of the plastic theory has been 
done on beams and frames subjected to symmetrically placed pairs of verti- 
cal concentrated loads, and the resulting lengths of member subjected to al- 
most constant maximum moment afford relatively large rotational capacities. 
On the other hand, Fig. 19 indicates deficient rotational capacity in a single- 
loaded two-hinged frame for all values of “K” above unity if k2 = 11.67 and 
My/Me = 1.05. As another example, the actual critical wind loading on frame 
four of Mr. Beedle’s Fig. 1 could conceivably be that shown in Fig. 20 for 
some climates (for which the uplift on the roof is partly counteracted by roof 
dead weight). For this loading, the ratio of plastic to elasti-plastic strength 


1. Assoc. Prof. of Civ. Eng., Univ. of Connecticut, Storrs, Conn. 
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is 1.41. And if this frame were loaded with only the two horizontal loads, 
“P,” the ratio would be 1.48. 

Examining the two significant tests, for frame four of Fig. 1, the relative 
test, elasti-plastic, and plastic strengths are 0.98, 1.00, and 1.06, respective- 
ly, and for frame two of Fig. 2, 1.29 (average of two tests), 1.00, and 1.16, 
respectively (assuming, for plastic analyses, that plastic rotations occur im- 
mediately adjacent to the knees). Thus, the plastic theory is slightly inade- 
quate for the former frame and conservative for the latter frame. 

But, according to the elasti-plastic analysis of these frames, the critical 
curvature occured at the right footing of the second frame, although it 
occured at the right knee of the first, and two factors mentioned in the test- 
account of the second frame?5 could explain the large discrepancy between its 
test results and both theories. First, the frame was not truly fixed at the 
right-hand footing; it was merely welded to another, heavier 8'' member span- 
ning between footings, and rotation measurements indicated some rotation in 
the connection itself. Second, and more important, the large moment gradient 
at this critical joint tended to localize the plastic zone, probably allowing 
strain hardening to occur near the semi-rigid joint before the weakening ef- 
fect of any plastic instability could become significant. Thus, the M-¢ dia- 
gram for the member near this joint would be extended for both moment and 
curvature, and, unless these extensions were known, neither theory could be 
expected to agree with experiment. 

Future tests may demonstrate that this strain hardening at points of criti- 
cal curvature will always compensate for deficiencies in curvature capacities. 
However, test results for the two frame-loading types just discussed offer 
little support for this possibility; they are somewhat contradictory, and their 
ratios of plastic to elasti-plastic strength are only 1.06 and 1.16. 

Therefore, the author believes that an “aura of doubt” on applications of 
plastic analyses is presently desirable, thus differing from one of the discus- 
sers. Skepticism in this area would now seem to be well founded, as well as 
desirable in stimulating needed further advances in knowledge. Tests are 
needed to determine: (a) strengths of frames ratios over 1.40, and (b) the ef- 
fect of moment gradient (shear) and various types of restraint on the M-¢? 
relationships of various steel sections. Obviously, elasti-plastic methods 
should be valuable in planning and correlating such tests. 

Pending such tests, the author would join a correspondent in wondering 
“whether the simplicity of elementary plastic design will be so much over- 
burdened by criteria covering the limitations of plastic design that it would be 
as good to go to elasti-plastic design.” 

In summary, the method of this paper is applicable, subject to the limita- 
tions described, to the calculation of ultimate loads for single-span structures 
of any material, provided the moment-curvature relationships are known. It 
is more tedious and complex than either elastic or plastic methods. Its dis- 
tinction is that it accounts for the curvature capacities of all portions of the 
structure and that it supplies the curvatures and plastic angles needed for 
simple calculation of elasti-plastic deflections. 
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Fig. 18 Idealized M-% Diagram for Steel Beam 
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Fig. 19 Comparison of Theories for Steel Two-Hinged Frame 


Fig. 20 Example of Critical Loading 
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Discussion of 
“A DIRECT METHOD FOR MODEL ANALYSIS” 


by Norbert E. Landdeck 
(Proc. Paper 869) 


NORBERT E. LANDDECK,! M. ASCE.—The writer appreciates Mr. 
Borges’ contribution to the subject of model analysis and agrees with him in 
stressing the broad possibilities of model analysis for statically indetermi- 
nate structures. Much remains to be written on the various model proce- 
dures which have been tried. This is particularly true since each model 
method tends to have some specific advantages as well as some limitations. 

Mr. Borges suggests that when SR-4 gages are used on plastics, they be 
operated with very low currents maintained for very short periods of time 
because of heating of the gage. Heating of the gages will cause expansion of 
the adjacent plastic. The writer acknowledges that heating of the gages does 
occur. Yet, he has not encountered any serious trouble from this source, 
even though relatively high currents were passed through the gages for long 
periods of time. After a current has been passed through a gage for a short 
time, the heat loss from the plastic and the heat applied at the gage reach a 
stage close to equilibrium. After this state has been reached, the drift in 
strain readings due to heating of the gage occurs very slowly. In the proce- 
dure used by the writer, very little time elapsed between the no load reading 
and the reading after load application. 


1. Superv. Structural Research Engr., Corps of Engrs., U. S. Dept. of the 
Army, Omaha, Nebr. 
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Discussion of 
“ARCHING ACTION THEORY OF MASONRY WALLS” 


by E. L. McDowell, K. E. McKee, and E. Sevin 
(Proc. Paper 915) 


CORRECTIONS TO DISCUSSION BY E. COHEN AND E. LAING.-— The fol- 
lowing corrections to this discussion are necessary: 


Figures 1 & 3: Delete subscript m in Em 
Figure 2: Add the word “unit” to the end at the definition of E 


The second sentence of the first paragraph under “Non Rigid Supports,” 
page 1067-35, should read as follows: 


“The compression force built up in walls of this type is a function of the 
stiffness of the supports, i.e., F = ky = afc, where k is an effective spring 
constant of the support and y is the support displacement in the plane of 
the wall.” 


E. L. MC DOWELL,! K. E. MC KEE,? A.M. ASCE, and E. SEVIN3.—It was 
the writers intent to present a logically consistent method of explaining and 
predicting the static load deflection behavior of end-restrained masonry 
panels. As Mr. Eremin rightly points out, to practically achieve the type of 
ideally rigid supports imagined in the development may take some doing. As 
to what constitutes effectively rigid supports, however, is a matter for experi- 
mentation. The writers wish to emphasize that the tests reported in the paper 
were performed several years ago at MIT, and were in no way related to the 
arching theory presented. A comparison of our theory with these data appears 
justified in view of the description of the test set-up contained in the MIT re- 
port. The writers have no information, other than what was contained in that 
report, concerning details of the test set-up, such as end restraints. 

Messrs. Cohen and Laing suggest a simplified approach to the arching 
problem which includes elastic beam behavior. Their approach is shown to 
correlate reasonably well with the MIT data and, it is claimed, with other 
laboratory and full scale field test results. The Armour Research Founda- 
tion has participated in every full scale weapons effects test since Operation 
GREENHOUSE. Stemming from the GREENHOUSE test, the Foundation first 
proposed, some six years ago, an arching action theory quite similar to that 
presented by Cohen and Laing for end-restrained beams. Both of these 
theories require arbitrary assumptions concerning the kinematics at the end 
restraint and the stress-strain relations of the beam material. The more 


1. Research Engr., Dept. of Propulsion and Structural Research, Armour Re- 
search Foundation, Chicago, Ill. 

2. Research Engr., Dept. of Propulsion and Structural Research Armour Re- 
search Foundation, Chicago, Il. 

3. Research Engr., Dept. of Propulsion and Structural Research, Armour Re- 
search Foundation, Chicago, Il. 
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refined theory devised by the writers was prompted by the desire to deter- 
mine the influence of these assumptions. Cohen and Laing have utilized an 
ingenious engineering approach to achieve essentially the same numerical re- 
sults. Nonetheless, the writers believe that their theory represents a more 
rational, if not more “accurate,” conception of what is taking place. In par- 
ticular, it is believed that the thrust forces set up at the ends and center can 
be predicted more realistically in terms of the writers theory. This could be 
important in the design of the end supports to take these thrusts. 

The writers have extended and applied the basic arching concepts pre- 
sented in the paper to various problems. However, the classified nature of 
the work with which these developments were associated, has until recently 
prevented their publication. Briefly, we can mention that the problems 
treated have dealt with the dynamic analysis of panels (having arbitrary 
cross-section) supported on four sides. Correlation with full scale field data 
has been most satisfactory. 

Cohen and Laing cite a wall panel program of their design which was in- 
cluded in the 1953 Effects Test at the Nevada Test Site. The writers are 
quite familiar with these structures, having many times utilized them as pro- 
tection against the hot desert sun. It is most interesting, therefore, to learn 
first hand their intended purpose, and we are eagerly awaiting the issuance 
of the test report. 

Cohen and Laings’ use of “ARSF” is questioned; at the risk of appearing 
too kicayunish, it is requested that the writers’ results, when cited, be re- 
ferred to either by name or by “ARF”-for Armour Research Foundation. 
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Discussion of 
“DEVELOPMENT AND DESIGN OF THE WALT WHITMAN BRIDGE” 


by Milton Brumer and C. W. Hanson 
(Proc. Paper 1019) 


GEORGE S. VINCENT, ! M. ASCE.—The Walt Whitman Bridge is a worthy 
subject for this very comprehensive and informative paper. The authors have 
done a well-balanced and satisfying job in covering the questions of design 
which are particularly pertinent to a bridge of this type and magnitude, af- 
fording opportunity for comparison with related practice and opinion. 

The writer has more confidence in the validity of section model tests and 
the associated analysis to forecast the aerodynamic behavior of a suspension 
bridge than have the authors. They accept qualitatively the test indications of 
the advantages of truss construction over girders for the main stiffening 
members and floorbeams and the efficacy of some pattern of slots but place 
no reliance on the predictions of bridge behavior based on the model tests. 
The writer is familiar with the extensive research upon which these qualita- 
tive indications are based and places considerable reliance on its quantitative 
indications as well. 

The basic research which has developed our information on the wind drag 
on various sections has shown also the general laws governing the oscillation 
of elastically supported bodies in a windstream. These show that the fre- 
quency of the oscillation is proportional to the wind velocity and inversely 
proportional to the dimensions of the body. Modern aeroplanes could not fly 
if this knowledge were neglected in their design. History has shown all too 
well that suspension bridges, to a lesser degree, are subject to such wind- 
excited oscillation.(1,2) Scientific tests and analyses making use of available 
knowledge of aerodynamics have shown the reasons for their behavior. (3) 

It is incorrect and inadequate to think of the model tests alone and apart 
from the rational analysis which relates the model behavior to that of the 
bridge under consideration. An approximate model will not suffice for quan- 
titative predictions. The dimensions of the model must be true to scale and 
its mass and mass distribution should be correct although enough is known of 
the principles involved so that correction can be made if need be for some 
discrepancies.(4,5) The model results are only qualitative until they have 
been related to the modes and frequencies of oscillation of the bridge itself. 
These can be computed without too much trouble so that the model data can 
be used to predict the wind velocities at which oscillation can develop and the 
amplitudes likely to occur at any velocity.(4,5,6,7) 

It is true, as the authors emphasize, that the most uncertain element in 
the problem lies in the variable and non-uniform character of the wind. How- 
ever, the fact should never be lost to sight that the Golden Gate Bridge, under 
the modifying influence on the wind of a clearly indicated favorable topograph- 
ic feature, showed only nominal oscillation for over fourteen years and then 


1. Bridge Engr., Physical Research Branch, Bureau of Public Roads, U. S. 
Dept. of Commerce, Washington, D. C. 
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suddenly, on December 1, 1951, demonstrated with remarkable correspond- 
ence the serious oscillations which model tests and analysis had predicted 
five years earlier.(8,9) As is well known,(10,11) a bottom lateral system has 
been added to this bridge to increase its torsional stiffness and thus raise the 
frequency of its torsional oscillation to such a value that the wind velocity 
necessary to excite such oscillation is beyond reasonable probability of 
occurrence. 

The research has shown that a uniform and steady wind is more effective 
in exciting oscillation than is a non-uniform or fluctuating wind. The usual 
turbulent character of natural winds therefore, gives a large measure of pro- 
tection for a bridge whose design avoids the more obvious unfavorable fea- 
tures but the stakes are too high to justify over-reliance on this element 
when the means are available to permit a determination of the very probable 
behavior of the bridge in a wind of given velocity and direction. 

Although the adopted design of the original Tacoma Narrows Bridge was 
criticized, it has subsequently been learned that the state of knowledge of the 
true causes of the failure of that bridge was so inadequate preceding the time 
of its collapse that no one was blameworthy for its loss. The same might not 
be true should one be lost in the future. 

The new Tacoma Narrows Bridge, and now the Mackinac Straits Bridge, (12) 
demonstrate sections proven to have satisfactory stability under wind action. 
Sections differing only moderately from these are quite likely to be safe. 
Some system of slots is likely to be favorable for most truss-stiffened 
bridges and those that are stiffened only by the deck or by shallow beams. 
However, tests have shown certain slot patterns to be unfavorable for a par- 
ticular truss-stiffened section. Tests often show slots to be unfavorable for 
girder-stiffened bridges. (5,13) 

For the torsional or flutter types of oscillation most likely to be serious 
on truss-stiffened bridges the addition of a second plane of laterals can in- 
crease the overall torsional stiffness and, therefore, the frequency of torsion- 
al vibration, to such a degree as to materially raise the wind velocity re- 
quired to excite oscillation.(14) Two planes of laterals will also help those 
particular girder-stiffened sections which are subject to torsional excitation. 
This is true because trusses or girders of moderate depth joined by top and 
bottom lateral systems contribute a large part of the total torsional stiffness 
of the bridge. No comparable increase in relative vertical stiffness is feas- 
ible, particularly for long spans because the loaded cable provides most of 
the vertical stiffness and even an excessively deep and heavy truss would add 
relatively little to the total vertical stiffness. 

A special warning is pertinent in the case of very long-span structures. 
The natural frequency falls off with increased length so that, if not immune by 
virtue of its cross-sectional shape, the bridge will respond to a lower wind 
velocity than would a shorter bridge having the same cross section. 

Further research may confirm the trend of some present indications that 
uncertainty concerning the character of the wind may not be so important af- 
ter all so far as oscillation is concerned. For many bridge designs it may be 
found by test and analysis that stability in the worst reasonably conceivable 
wind, uniform and steady, can be attained by modifications which add little to 
the cost. For such bridges there would be little justification for using a sec- 
tion and design which must rely for stability on some variability in the wind. 

As to static wind pressure on long bridges, economy could be gained if 
more were known about the patterns of variation in wind action over areas of 
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different sizes. Lacking such knowledge the design assumptions must be con- 
servative as is pointed out by the authors. 
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LOUIS BALOG.!~—In describing the Main Bridge Superstructure, 
p. 1019-16, the authors state that “a ‘stiffness index’ in the range between 
600 to 800 can be expected to provide sufficient rigidity against wind action.” 
In the short-span range, when the bridge may be exposed to wind conditions 
which are the most unfavorable for its configuration is most of its length, 
this “stiffness index” proved inadequate. Likewise, the five stability criteria 
of D. B. Steinman(1) are very misleading as indicated by data for the Peace 
River, Liard River and Beauharnois bridges(3) as shown in Table 1; the first 
two of these bridges are along the Alaska Highway and the last is in Canada. 

The Peace River Bridge oscillated vertically and in a symmetric torsional 
mode resulting in grade changes 7.4 times as large as the maximum and 9 
times as large as the average of the four largest movements of the Bronx- 


1. Cons. Engr., Binghamton, N. Y. 
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TABLE 1.- Deficiency of Stiffness Index and D.B. Steinman's Criteria in the Short Span Range 


Peace River Bridge Liard River Bridge 
Main Span 930 ft Main Span 543 ft 
Requ'd Actual Requ'd Actual 


Beauharnois Bridge 
Main Span 80 
Requ'd 


Stability Parameters 


Stiffness Index 


-B. Steinman's Criteria 


D 
1. K/ 300 963 
2. RC K/B 3? 5 22.06 
3. 38 1.67 5.52 
he I 128 900 
7.5 


Pactor of safety against 


aerodynamic instability 5.52/1.67 = 3.31 


Writer's I = 0.005 i? 


Whitestone Bridge (New York City) before the erection of the trusses. The 
motion of the individual planking on the Liard River Bridge indicated torsion- 
al oscillations of at least the same order as those of the Peace River Bridge. 
Difficulty in walking and the sensation of sea-sickness was experienced on 
both these bridges. The center cable bands of the Beauharnois Bridge are 
connected to the stiffening girders by rigid diagonal struts. This bridge 
oscillated in a symmetrical vertical mode with a double amplitude of 13 in, 
33 cpm. The corresponding grade changes are 3.7 times as large as the 
average of the four largest movements of the Bronx-Whitestone Bridge before 
the erection of the trusses. 

Table 1 shows that the “stiffness index” and the six indices of D. B. 
Steinman are in error by many hundred per cent, in fact they require prac- 
tically unstiffened bridges, whereas, the simple relation which the writer 
presented in 1941,(2) show two of these bridges to be very unstable. The 
authors state that tests in a wind tunnel of a section model were not con- 
sidered necessary or of practical value for the Walt Whitman Bridge. 

Table 2 indicates that this bridge is the stiffest among three comparable 
actual bridges. No bridge having a torsionally stiff suspended structure was 


TABLE 2.- Comparative Stiffness Characteristics of Bridges in the 2000 Feet Span Range 


Spans and Width |Dead Load|H per Cable|I per Truss / Stiffness 1 
Feet per Foot Kips Insq Ftsq Index 


Bronx-Whitestone | 735-2300-735 (74)} 12,000 19,670 19,840 0.0038 
Delaware Memorial] 750-2150-750 (61) 15,500 0.0030/0. 
Walt Whitman 21,410 16,360 760 2” 


“Estimated. 


found to be unsatisfactory. The surprisingly large torsional stiffness of the 
practically flat-plate suspended structures of Norwegian bridges, k/I = from 
3.32 to 1.53, seems to explain their stability. (4) 

The behavior of the section models of the original and trussed Bronx- 
Whitestone Bridge in the wind tunnel was quite similar. Both models behaved 
as the bridge never did, characterized by non-catastrophic appearance of 
vertical oscillations and catastrophic torsional oscillations in 30 to 40 mph 
winds.(5) No torsional oscillations of this bridge were observed and its ver- 
tical oscillations originated from a wind different in direction and action from 
the section model tests. 
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The similitude between the section model in the wind tunnel and the proto- 
type in natural wind is questionable from important considerations. The 
damping characteristics of the section model are different from reality and 
its wind conditions are also different. Except for certain extreme conditions, 
the scientifically accurate interpretation of section model tests is impossible. 

Damping tests on actual bridges give a hint as to the accuracy of the com- 
putations. The measured vertical and torsional frequencies of two identical 
312 ft span Norwegian suspension bridges were identical in four different 
modes of the mechanically excited vertical and torsional oscillations, except 
for a 3.6 per cent difference in the first asymmetric torsional mode. The 
decrements, however, differed 32 per cent and 20 per cent in the first sym- 
metric vertical and the first symmetric torsional modes, respectively. (4) 
The authors’ criticism of accepting section model data as reliable proof of 
the degree of stability of a bridge, like stable in infinite mph wind etc., is 
justified. (6) 

The authors’ opinion, however, that the “stiffness index” assures stability 
is faulty in principle. The vertical stiffness of the bridges listed in Table 1 
is very substantial, three to five times larger than the lower limit required 
by the “stiffness index” and seven to ten times larger than required by Dr. 

D. B. Steinman’s Criterion No. 4. Nevertheless, these bridges oscillated in 
objectionable manner. A satisfactory suspended structure could have been 
built for the Peace River Bridge, for example, from less suspended steel 
than was used, having I = 0.0043 12 and k = 8.0078 12, in an aerodynamically 
advantageous arrangement, low in cost, easy to maintain and stable, whereas, 
the actual large I = 0.0061 12 and negligible k resulted in serious oscilla- 
tions. Vertical truss stiffness alone cannot assure stability. 

On page 1019-19 the authors give for the measure of the torsional stiffness 
of the suspended structure the following scale: 


“The torsional stiffness is determined by assuming the two center span 
stiffening trusses supported so as to prevent any rotation of the deck at the 
towers and by applying two equal and opposite torques uniformly distributed 
over half span lengths to produce an anti-symmetric torsion in the suspended 
system.” 


The writer believes that he was the first to apply this loading for gaging 
the relative torsional stiffness of suspended structures and the effects of the 
relative magnitude of the torsional and vertical rigidities of the suspended 
structure, in February 1941.(7) The importance of the torsional rigidity of 
the suspended structure was not recognized generally at that time. This is 
well demonstrated by the adoption of an open section for the Second Tacoma 
Bridge, published after four years of investigations in November 1945. In 
May 1946 it was made public that a closed section would be built because of 
the very advantageous effect of the torsional rigidity of closed suspended 
structures. The writer proposed the closed section described above for the 
Peace River Bridge in November 1942 and a truss-box suspended structure 
for the Second Tacoma Bridge in January 1944. 

In 1950, Franz Dischinger used the deflections caused by the loading 
described in the above quotation for proving that the torsional stiffness of the 
suspended structure has a much more favorable influence on wind stability 
than the dead load cable pull H, and that this influence increases with de- 
creasing H.(8) 

The failure and the objectionable behavior of the oscillating bridges 
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changed design only in that provisions were made against wind action. None 
of these provisions are new. The inefficiency of a few stay ropes was dis- 
cussed in old text books, that stiffening girders and double lateral system(9) 
help was also known. New is the quantitative knowledge; new structural ideas 
were not used in the U. S. but the old wind truss computations are still being 
made, their complete deviation from the behavior of all built bridges notwith- 
standing. Concerning this the authors state on page 1019-33: 


“The stresses in the horizontal wind trusses were determined using the 
specified static wind load. .. Deflections of the suspended floor system thus 
determined are very much greater than any actual lateral movements ob- 
served. .. Likewise the stresses thus obtained in the laterals have small ef- 
fect on the size of the lateral sections used. These were usually controlled 
by the permissible slenderness ratio of the members in compression and by 
connection details.” 


The unreasonableness of these computations for establishing the wind ef- 
fects has been, therefore, demonstrated by the authors. Equally important is 
the historical fact that the claims attached to this method of computation 
eliminated any other approach to the investigation of the effect of the wind on 
suspension bridges, although doubts concerning its sufficiency were expressed 
years before the Tacoma failure. (10,11) 

The authors made it quite clear that none of the results obtained by these 
computations govern the design either of the chords or of the lateral diagonals 
and now when the deflections obtained from this full uniform static loading 
are not used any more for computing the lateral angular change of the road- 
way alinement at the towers, which used to be the wind stability criterion be- 
fore the Tacoma failure; what then is the practical role of these figures? 

Computations like those made by the authors resulted in 6.5 ft deflection 
for the Brooklyn Bridge, when its observed maximum lateral deflection due 
to wind was 2 in. The computed wind deflection of the Bronx-Whitestone 
Bridge was 8.93 ft, no lateral movement of this bridge was observed in the 
whole range of wind velocities to which it was exposed for seven years. The 
computed wind deflection of the first Tacoma Bridge was 20.03 ft, the actual 
deflection of this 2800 ft span laterally slender bridge never exceeded 2 ft. 

The foregoing data show that the conditions of the computations used by 
the authors never occur in reality, they are also inconsistent with the purpose 
for which the laterals were provided. They were provided for closing the box 
section, thus furnishing torsional stiffness of the suspended structure. Such 
stiffness is necessary to prevent the occurrence of torsional oscillations 
among which the single-node mode is the most damaging structurally. The 
laterals of the Tacoma Bridge failed in this mode. It is necessary to show, 
therefore, that the laterals as members of the truss-box section of the sus- 
pended structure are able to prevent such movements within the allowed 
stresses, and proof of this should be contained in every set of computations 
for suspension bridges. 

The chord sections result from vertical stiffness requirements, the later- 
al diagonals furnish a torsional moment of inertia, k, of the closed box. 

They have to conform to slenderness ratio limitations and they must have a 
certain sectional area for the desired | value of the box. It is more reason- 
able to concentrate on reliable torsional stiffness computations than to apply 
a computation which was superseded by factual knowledge of suspension 
bridge behavior. The true values of the vertical and torsional stiffness 
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characteristics of the suspended structure are of primary interest at the 
present status of suspension bridge design. 
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GERALD K. GILLAN,! A.M. ASCE.—The authors, in their brief mention of 
the cable bands for the Walt Whitman Bridge, observe that, “Tests made on 
bands of the original Philadelphia-Camden Bridge show that this finish de- 
velops a coefficient of friction of about 0.60.” The writer, while employed by 
the firm of Modjeski and Masters during the summer of 1953, checked cable 
band bolt tension computations on the Walt Whitman Bridge. He was full of 
disbelief when he observed the use of a “coefficient of friction” of 0.60. 

The writer is now convinced that an error exists in the analysis of the 
original test data,2 published in 1927. The writer has the greatest respect 
for the wonderfully thorough job done by the Board of Engineers for the 


1. Prof. of Civ. Eng., Pennsylvania State Univ., University Park, Pa. 
2. “The Delaware River Bridge.” Final Report by the Board of Engineers to 
the Delaware River Bridge Joint Commission. June 1, 1927. 
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Delaware River Bridge Joint Commission. The report is a tremendously 
valuable record of a monumental piece of work. It is unfortunate that this 
matter is brought up when individuals who were directly responsible for the 
report are no longer living, but the writer is convinced that they would be 
among the first to want the error corrected. 

The tests conducted and reported were of three types. First, there was a 
series of individual wire friction tests in which a statically loaded friction 
block was forced to slide relative to a wire specimen. Second, a model cable 
section, 9.4 inches in diameter and clamped with a 2.5 inch wide band using 
two 1.14 inch bolts, was loaded in a way to cause the band to slip along the 
cable. Third, a full size test similar to that made on the model was conduct- 
ed on the specimen furnished by the cable contractor for the compacting test. 

In the individual wire friction tests, the average starting friction was 
found to be as low as 16.9% and as high as 26.7% with a median value of 20.9%. 

In the three tests on the model cable section, the “friction” is shown in 
Table II, p. 126, as 66%, 61%, and 66% respectively, and the full scale test 
resulted in a figure of 62.3% for the “frictional coefficient.” 

One may safely suppose that these data led to some consternation in the 
laboratory. Unfortunately, the first suspect was convicted, and the real cul- 
prit has not been caught yet. To quote the report, 


“,.... The readings indicate that the resistance to slipping was more 
than 60 per cent of the compacting force. This is too great to be account- 
ed for by friction alone. (Author’s italics). The observed bulging of the 
cable outside the limits of the band was undoubtedly a large factor in re- 
sisting slip.” 


In discussing the results of the full scale test, the report reads, 


“,.... Taking 197,000 lbs. as the load required to start appreciable slip 

and 316,000 lbs. as the total force exerted on the band by the six bolts, the 
frictional coefficient was 62.3%. Here again it is obvious that the bulging 

of the cable outside the band plays a large part in resisting slip.” 


Let us examine the allegation that a ratio of resistance to slipping to the 
compacting force of 60 per cent is too great to be accounted for by friction 
alone. Consider a half-band of length L along the cable and of diameter d. 
The internal pressure, p, is obtained by dividing the total clamping force, F, 
by the area of the longitudinal section, Ld. That is, 
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The available resistance to slipping, R, is the resultant of vectors lying in 
the inter-face between the cable periphery and the cable band. Hence, R is 
equal to the product of the coefficient of friction, f, the unit pressure, p, and 


the area at the inter-face, Ld. That is, 


R = = fFT 
Hence, R 


f= 


TF 


It is quite evident that the test data were analyzed using an incorrect ex- 
pression for the coefficient of friction; namely, f = R/F. The results should 
have been divided by 7. If this is done, values of 19.4% to 21.0% (instead of 
61% to 66%) for the coefficient are obtained. It appears to the writer that 
these values are to be expected and are not too great to be accounted for by 
friction alone. Furthermore, the observed bulging of the cable outside the 
limits of the band evidently had little effect on the resistance to slip. 

Not only did the writer of the report already referred to struggle to ex- 
plain the apparently high coefficient of friction, but others, including the de- 
signers of the Walt Whitman Bridge, have been caught up in the same trap. 
In Volume 97 of the Transactions of the American Society of Engineers, an 
entire volume devoted to the George Washington Bridge, on page 137 is found 
this statement: 


“The determination of what constitutes a safe allowable coefficient of 
friction between the bands and the cables is a mooted point. ... .” 


The discussion refers to the Delaware River Bridge Joint Commission tests 
and states that these tests showed an average coefficient of friction of about 
60 per cent. The paper then proceeds to a consideration of “local contraction” 
of the cables and reaches the startling conclusion that a 60% ultimate value of 
friction seems reasonable, “fully justifying an allowable value of 15 per cent.” 
The same 15% value was used on the Delaware River Bridge. 

What was done on the George Washington Bridge, in fact, was to use a 
coefficient of friction of 4.77% (i.e., 15/7), resulting in a factor of safety 
against slipping of about 4; and on the Walt Whitman Bridge, the coefficient of 
friction used was 4.77% for Dead Load and 6.37% for Dead Load plus Live 
Load plus Impact, resulting in factors of safety against slipping of 4 and 3, 
respectively. The error in the determination of the coefficient of friction 
and in its subsequent use exactly compensate one another for the conventional 
cable band design. Hence, no unsafe design has resulted from this mix-up. 

It may be argued that, since no unsafe design has resulted, it is not appro- 
priate to bring up a criticism of this nature. The writer feels it would be 
even less appropriate to knowingly permit the perpetuation of such a blunder. 
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Discussion of 
“MOMENTS IN FLAT SLABS” 


by Mark W. Huggins and Watone Li Lin 
(Proc. Paper 1020) 


JAMES CHINN,! J.M. ASCE.—One provision of the 1951 ACI Building Code 
which the authors did not apply to their analytical moments is Sec. 1002(a.)8 
which would allow the numerical sum of the maximum positive and the aver- 
age of the maximum negative bending moments to be as low as 
ib WayL(1 - Mav), The 1956 ACI Building Code (Sec. 1002(a)) allows this 
sum to be as low as 0.09 WLF(1 - ze a) where F = 1.15 - c/L S .. 


The experimental results ae. rf indicate that this sum is more nearly 


; WL. This result indicates that the moments one would expect from statical 


considerations are not reduced by two way action as is commonly assumed. 
That this is so in reinforced concrete column footings has been verified by 
Richart.(1) It is hoped that the authors’ paper will stimulate additional tests 
on concrete to determine if the 0.09 coefficient is justified. 

Although the Code states that bents shall be bounded laterally by the panel 
centerlines, it seems more correct that they be bounded by lines of zero 
shear. In the case of the bent containing the first interior columns, the line 
of zero shear lies between midpanel and the five-eighths point. 

The assumption that the moment of inertia of the slab becomes infinite at 
the edge of the column capital does not seem reasonable when there is no 
drop panel. If the moment of inertia does not become infinite until a point 
within the capital, the fixed-end slab moments will be reduced and the analyti- 
cal moments agree better with the experimental ones. 

The differential equation which governs stresses and deflections of a slab 
is: 


where w is the vertical deflection of the slab and q is the load intensity, and 
the moments are given by 


1. Asst. Prof. of Civ. Eng., Univ. of Texas, Austin, Tex. 
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It is evident, then, that the moments in a slab are dependent upon the value 
of Poisson’s ratio. An analysis, such as a frame analysis, which does not in- 
clude an effect of Poisson’s ratio cannot, therefore, yield exact results. 

The effect of Poisson’s ratio also casts doubt about how well experimental 
moments determined from an aluminum model with uw = 0.33 apply to concrete 
with uw = Oto w=0.15. A uniformly loaded, simply supported, square plate 
will illustrate how much of an effect u can have upon moments.(2) The de- 
flections are given by 


w sin) TTX sin 


and W= W,(I-1/7) (D) 


where Wo is the deflection for uw = 0. 
Moments are given by 


From which 


- Wo. OW 


(G) 


My 


The relations indicated in Figure A for the moments at the corner and at 
the center of the slab can be easily shown. The magnitudes of these moments 
in terms of the moments for uw = 0 are: 


At the Corner At the Center 


Mx = (1 - #) Mxo Mx = (1 + #1) Mxo 
My = (1 - #) Myo My = (1 + #) Myo 

The moments for uw = 0 and uw = 0.15 are, in terms of the moments for 
= 0.33: 


Mx My 
u=0 0.15 u-0 = 0.15 


Corner 1.5 1.275 1.5 1.275 
Center 0.75 0.8625 0.75 0.8625 


Unfortunately, formulas D and G cannot be applied to the model tested be- 
cause they are not general equations but special equations applying to 
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DISCUSSION 


Fig. A. Uniformly loaded, simply supported, square plate. 


rectangular plates with nondeflecting side supports. For the case of a simply 
supported round plate, for example, the effect of “4 becomes more complicated. 
The writer does not know of any way of applying a correction for the effect 
of uw to the experimental results from the aluminum model. Adding to the dif- 
ficulty is the fact that the stiffness of the slab is affected by yw but that of the 
column is not, so the column moments will differ for different values of uw. 
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Discussion of 
“SIMPLIFICATION OF DESIGN BY ULTIMATE STRENGTH PROCEDURES” 


by Phil M. Ferguson 
(Proc. Paper 1022) 


7" Au, A.M. ASCE.—The paper has presented simple and concise ex- 
planations of procedures for the design of reinforced concrete members by 
ultimate strength method based on the recommendations of the Report of 
ASCE-ACI Joint Committee on Ultimate Strength Design (hereinafter referred 
to as the’ Report).2 To those who are concerned with teaching the ultimate 
strength method in the first course of reinforced concrete design to under- 
graduate students, the paper has indeed demonstrated that such undertaking 
will encounter no more difficulty than the teaching of the conventional straight 
line method of design. 

While the ultimate strength method is consistently more logical, it also 
has its weak spots. The equations for computing the ultimate strength of 
eccentrically loaded columns are the cases to the point. Those equations as 
recommended by the Report are based primarily on the theory advanced by 
C. S. Whitney.(3,4) The equations for tension failures were developed on a 
rational basis assuming an equivalent uniform stress distribution; whereas 
the equations for compression failures were developed on a semi-empirical 
basis. Whitney further suggested the following: 


1. Add a small additional eccentricity to e' to allow for deflection in the 
case of tension failure; 

2. Adjust the constants in the formulas for compression failures so that, 
when e' is zero, Py will be 2-1/2 times the value for axially loaded column 
as later specified in the ACI Building Code of 1947 (ACI 318-47).5 


These latter suggestions are not found in the final recommendations for 
eccentrically loaded columns of any type in the Report or the latest edition of 
ACI Building Code (ACI 318-56).6 However, in the Appendix C of the Joint 
Committee Report in which the derivations of formulas are given, they are 
included in the formulas for both square and circular columns with round 
cores. This inconsistency is believed to be an oversight, and the adjusted 
values should not be used. 


Asst. Prof. of Eng. Mechanics, Univ. of Detroit, Detroit, Mich. 

“Report of ASCE-ACI Joint Committee on Ultimate Strength Design,” 
ASCE Proceedings, v. 81, Paper No. 809, October, 1955. 

Whitney, C. S., “Plastic Theory in Reinforced Concrete Design,” ASCE 
Transaction, v. 107, 1942, pp. 251-326. 

Whitney, C. S., “Application of Plastic Theory to the Design of Modern 
Reinforced Concrete Structures,” Journal of Boston Society of Civil Engi- 
neers, v. 35, No. 1, January 1948, pp. 30-53. 

“Building Code Requirements for Reinforced Concrete (ACI 318-47),” 
ACI Proceedings, v. 44, 1947, pp. 1-64. 

“Building Code Requirements for Reinforced Concrete (ACI 318-56,” 
ACI Journal, v. 27, No. 9, May 1956, pp. 917-980. 
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The ultimate strength of circular sections with round cores subject to 
combined bending and axial load is given by Equations (14) and (15) in the Re- 
port. However, the ultimate strength of square sections with round cores has 
not been given explicitly in the final recommendations. Tracing back to 
Appendix C of the Report, formulas for square sections with round cores can 
easily be obtained from the formulas for rectangular tied columns by assum- 
ing half the steel effective on each side of the section and by using 0.67d as 
effective distance for steel. Thus, when tension controls: 


R= 08s [CF + pm - (F-05)] 


when compression controls: 


It should be pointed out further that the balanced load Pp which is equally 
likely to cause failure in tension or in compression has not been given for 
either circular or square sections with round cores, but it can be determined 
very easily by substituting proper values of t, D and d into the similar equa- 
tion for rectangular tied column with symmetrical reinforcement. Hence, 
for square columns with round cores: 


for circular columns with round cores: 


With these additional equations, the solution of square or circular columns 
with round cores can be carried out completely. 

Since trial and error method is quite often involved in the design of 
eccentrically loaded columns, curves such as Figures 6 and 7 in the Report 
are helpful in simplifying the design procedures. Following the interaction 
curves presented by Whitney for rectangular tied columns with symmetrical 
reinforcement, the writer has prepared similar charts based on the equations 
mentioned in this discussion for square and circular columns with round 
cores. It is understood, however, that Mr. Whitney is preparing an all- 
inclusive design manual for the ultimate strength method which in all prob- 
ability will develop his own equations further to include these charts. Hence, 
they are not duplicated here. 

In examining Fig. 7 in the Report as well as the curves prepared by the 
writer, it is noted that the intersection of the curve representing tension fail- 
ure and the curve representing compression failure does not fall exactly on 
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the balanced load Pp. The author already pointed out that, with many values 
of d and fy, it misses the intersection by a small amount for rectangular tied 
columns. The discrepancies seem to vary also with the cross-sections of 
columns. For square columns with round cores, the intersections of curves 
are very close to the corresponding values of Pp at fy = 40,000 psi for all 
values of d. At higher values of fy, the values of Ph cove slightly lower 
values. For circular columns, the discrepancies are considerably greater, 
in the order of magnitude of Pu/féD2 = 0.1 or higher, depending on fy and d. 
It raises the question whether such discrepancies should be neglected or the 
formulas for circular columns should be adjusted. 


H. S. SCHICK! A.M. ASCE.—The author has performed a valuable service 
in emphasizing the facility of design by the principles of “Ultimate Strength.” 
His figure No. 2 “Rectangular Beam Curves” which he reproduces from the 
Journal of A. C. I. can very easily be changed in form to be much more use- 
ful for most design by using ordinary rectangular cartesian co-ordinates than 
the logarithmic units used by the A. C. I. diagram. The ratio fc' /fy occurs 
frequently in the formulae and is fundamental, so that by using the ratio in- 
stead of the fy values, the “p” values become straight lines. Most My /bd2 
values in ordinary work will fall between 100 and 900 and the most important 


“q” values lie between 0.1 and 0.2 with the value 0.18 of especial significance. 


By using appropriate scales for these values the curves for values of f. of 
3M, 4M and 5M are very easily plotted to show adequate distinction of “q” 
values for the desired strength of concrete to be used. My will most con- 
veniently be in units of foot kips so it is more convenient to use the constant 
F = bd2/12,000. To facilitate the computation a nomogram has been prepared 
to show values of bd2 and F for most common values of b and d and a= depth 
of the stress block is an important value especially for T-beam design. The 


author’s formula #1 can be rewritten in the form a = A and in 


b 0.85 f, 
this form a nomogram can be readily prepared to show values of “a” for 
usual values of and f,' /fy. 

With the hope that the diagram and nomograms may be found useful, they 
are submitted herewith. 


ZDENEK SOBOTKA.2—Mr. Phil M. Ferguson develops in his excellent and 
extremely valuable practical paper the procedures which prove that the ulti- 
mate strength design of reinforced concrete can be much simpler and more 
time-saving than the design method based on the straight-line theory. 

It is the purpose of this discussion to present the solution of a special 
problem in the design of the eccentrically loaded columns with double unsym- 
metrical reinforcement, which fails in tension. There will be found such a 
distribution of reinforcement between the stretched and compressed zone by 
which the total steel area Ast is a minimum. 

In this discussion the same notation is used as in the author’s paper which 
is listed on page 1022-19 and 1022-20. 

Assume, at first, the total steel area 


Ast =A,+ Ay (1) 


2. Docent of Theory of Elasticity and Strength of Materials, The Technical 
Unhiv., Prague, Czechoslovakia. 
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may be a minimum in a column with the cross section dimensions b and t. 
Using summation of axial forces (Fig. A) as the author in Eqs. (10a) and 
(10b) on page 1022-8 


Py = + -T= 0,85 + - 


and summation of moments about the tension steel as the author in Eq. (12) 
on page 1022-10 
Pe = - kok, 4) + - a )= 
= 0,85 fob 4 kk) (1 - + (4 a’), 


Cy 
0,85 fob k, 


we obtain two basic equations of the problem. 
Substitution of Eqs. (2) and (1) in Eq. (4) leads to 

0,85 a kK) 0,85 bd kK) 


© 
0,85 fob a k, 


Placing values of C, from Eq. (2) and ky from Eq. (4a) in Eq. (3), we may 
write the following function of Ag and Agt 


F(A, Ast) = Pye - (P, +2 - ) (a - 


P 2 f ” 
+ A 
- pl — (A f 
0,85 f’b k As) y )= 0. 
c a 

The condition for the minimum total steel area Ast follows by letting the 

OF 


derivative OAs equal to zero 


F(A, ,A P,+ 2A,f 
OA, y 0,85 bk, 


(6) 
P,+2a,f 


y 0,85 fob k, 
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Fig. A. 


gk, - a’, 
0,85 k, 


or, after substituting Eqs. (1) and (2) 
k,C 
4 0, (7) 

0,85 fob ky 


From Eq. (7) we get the distance between extreme compressed fiber and 
neutral axis for the minimum total steel area 


Cc 
c a (8) 


c=k das 
0,85 4k, 


If the cover over tension and compression steel is the same, i.e. if 
d+d' =t, the formula (8) becomes 


cok , (9) 
u 4K, 


Summation of moments about the tension steel and substituting of the 
formula (8) gives 


k 
Pe - 0,85 f’b (a 
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and summation of moments about compression steel (Fig. A) leads to 


Pi 0,5 t + a’)+ 0,85 (a+ 4°) — 
16 k, 


- (a -a’)= 0. 


y 
From these equations the following formulae for the tension and compres- 


sion steel area in columns with given cross section dimensions may be ob- 
tained 


a’) u Cc ( )— (12) 


= —————_ | p (e’- 0,5t + 0,85 ( d+a’)(a-3a (13) 
ya- a’) [ Pal Mang 16 ky 


k 
The value of the ratio zm depends on the shape of the stress diagram. 


Thus the preceding formulae-are valid for all stress diagrams, not only for 
the rectangular stress block. 

The other problem is to find the depth of the rectangular column cross 
section for given width b and the total percentage of steel p; when the total 
steel ratio may be a minimum. 

Adding the formulae (12) and (13) and putting 


For symmetrical cover over the steel, i.e. for d +d' = t, Eq. (14) becomes 


ppb t= pe’. 0,85 t 2 “2 


i.e. 
(mf, +0857 pt va’t 2P e=0. (14b 
y 9 c 8k ) ) 
2 


This is the quadratic equation with the unknown t from which 
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After computing t, A, follows from Eq. (6a) 


k P 
y 


and Ag from Eq. (1) 


A, - 4, ° 


The depth t of the rectangular cross section for a given ratio h = - and for 


a given total percentage of steel p); follows from the cubic equation 


p,f, 2 Pe’ 
= 0. (17) 


h(pyt, + 0,85 


Introducing a new unknown 


k 
x= —_- pyt + 0,85 ) 
y 
2 8k, 


gives the equation 


Pe’ 
f(x - 1)= + 0,85 —} (18) 
8 y k, 


in which x may be tabulated for different values of the expression on the 
right side. 
Then Ag follows from (16) as in the proceding case and As’ from (1). 
In the similar way, we may obtain the solution of these problems for 
columns of other forms of cross section and for eccentric tension. 
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MILAN SPANOVICH,! J.M. ASCE.—Basing all of his calculations on an as- 
sumed rectnagular stress block, Mr. Ferguson has illustrated some simpli- 
fications in design by ultimate strength procedures which were rather inter- 
esting. To what degree the simplifications are effective in practical design 
problems, it seems, is yet to be proven considering that the design criteria 
for shear, bond and diagonal tension is still governed by working stress con- 
ditions. 

With respect to selecting a stress block, the ultimate strength procedure 
is fairly versatile as rectangular, trapezoidal, parabolic or other compres- 
sion distributions “--- in reasonable agreement with tests” may be assumed. 
Experience should bring the more adaptable assumption into specifications. 

In reviewing the tables indexed in the “Report of ASCE - ACI Joint Com- 
mittee On Ultimate Strength Design” it has been noted that the trapezoidal 
stress block produces values more closely related to test results than those 
values obtained by either parabolic or rectangular distributions. The com- 
parative values of ultimate strength were all higher by stress blocks than by 
tests and the average degrees of variation were as follows: trapezoidal block, 
0.13%; rectangular block, 0.19%; parabolic block, 0.22% higher. 

Keeping all failures in tension and carrying a constant compressive yield 
stress simplifies basic beam design resulting in easier tabulations which are 
very readily adapted to a charting system. 

Mr. Ferguson is to be commended for his excellent “working” review of 
the Report and explanations related to the material therein. 


S. M. ULICNY,2 A.M. ASCE.—In the article by Professor Ferguson the 
theory and design procedures are presented systematically and clearly ina 
manner to make an otherwise complex-appearing analysis easily understood. 
The writer is of the opinion that this article would be excellent for classroom 
use. 

The validity of this design procedure is illustrated in the Joint Committee 
test results.(1) The apparent deviations in the ratio of the test sample 
strengths as compared with the calculated values by this method are probably 
due to a difference in the actual shape of the stress-strain curves of the dif- 
ferent concretes used. Also as noted in other tests(2) the behavior of con- 
crete in flexure is different from that of the compression in a test cylinder. 

The author makes reference to an article by Professor Hermann 
Craemer(3) for a method of analyzing a column subject to bending about each 
of its major axes. Professor Craemer approaches this problem analytically 
by assuming a shape for the compression area of the cracked section and us- 
ing iteration to solve the equations. This writer proposes a trial and error 
method for tension failure design of this problem which enables the designer 
to visualize the physical behavior of the column. 

To analyze a given short rectangular column for bending about its major 
axes, a scale drawing should be used which shows the applied load in its cor- 
rect position relative to the column section and also has all the reinforcing 
located; then a trial cracked section is assumed with a compression area “A” 
and the center of gravity of the tension steel and the compression area is 
found using a steel stress of fy in tension and fy=.85f'c in compression and 


1. Sraduate Research Ass’t Civil Dept., Carnegie Tech. 
2. Structural Engr., Highway Div., Swindell-Dressler Corp., Pittsburgh, Pa. 
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.85 f'c for the compression concrete stress. The solution is obtained by sat- 
isfying the equations of statics, Pu = Cs+Cc-T (Eq. 10a in the article) and 
Pu xe= (Cs + Ce) Z. 

A good first approximation of the cracked section can be obtained by ap- 
proximating the locations of the centers of gravity of the tension steel and 
the compression area. These centers of gravity must be in line with the ap- 
plied load (as shown in Fig. 1 on line A-A). 

The writer is aware that a narrow band parallel to the neutral axis exists 
in which the steel is not stressed to its yield point; however comparisons of 
the results by this method with test results are needed in order to arrive at 
a practical method for locating this band. 


REFERENCES 
“Report of ASCE-ACI Joint Committee on Ultimate Strength Design” 
Proceedings-Separate No. 809, ASCE, October, 1955. 


“Ultimate theory in Flexure by Exponential Function” Journal, A.C.L Vol. 
26 November 1955, G. M. Smith and L. E. Young. 


“Skew Bending in Concrete Computed by Plasticity” (LR48-22) Journal, 
ACI, Vol. 23, February, 1952. 
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Discussion of 
“STRESSES IN PRESSURE PIPE LINES AND PROTECTIVE CASING PIPES” 


by M. G. Spangler 
(Proc. Paper 1054) 


WALTER LuM,! A.M. ASCE.—In structural design work it is customary 
to assume a load, assume a load distribution and then analyze a frame ac- 
cording to any accepted method for the forces acting upon the structure. In 
the design of flexible underground conduits such as flexible pipes, as the 
author points out, the situation is very much different. Deflection of the ring 
and passive soil pressures must be taken into consideration. The author 
states that: 


“As these flexible rings deform under vertical load , the sides 
move outward against the soil a sufficient distance to develop a substan- 
tial amount of the passive resistance pressure of the soil. These pres- 
sures greatly increase the load carrying capacity of this flexible type of 
structure and account for the fact that thin, light-weight pipes, when 
properly installed, are capable of supporting the heavy loads produced 

by relatively high embankments. This ability of a flexible pipe to deform 
readily and thus utilize the passive resistance pressure of the soil on 
each side of the pipe is its principal distinguishing structural character- 
istic. Any attempt to analyze the structural behavior of a buried flexible 
pipe must take into account the passive resistance pressures developed 
by the soil at sides of the pipe, as a major source of supporting strength.” 


The same premise, of a vertical deflection of an arch causing the haunches 
of an arch to spread out and bring into nlay passive earth pressure resist- 
ances, has been used by tunnel designers, particularly in the design of tem- 
porary timbering. 


Influence of Construction Methods on Vertical Loads 


Relative to vertical loads on a tunnel, similar load formulas to Marston’s 
have been published in texts by Terzaghi,(1) Cain(2) and others. Soil investi- 
gators, (3,4,5) however, have pointed out that arching of the ground reduces 
the vertical load on a tunnel but this ground arch for large diameter tunnels 
in clay may only be temporary and as much as the full overburden load may 
eventually be acting upon the tunnel. 

Terzaghi(6) on the Chicago subways has pointed out that the time required 
for the ground around a tunnel to adjust itself and reach a final state of 
equilibrium “depends on three independent variables—the nature of the soil, 
the size of the tunnel and the method of tunneling.” Because of these three 
variables, the loads on a flexible pipe may be less or may be more than 
Marston’s values. 

How the work is done or the method used as pointed out by Terzaghi is 


1. Structural Engr., Bureau of Plans, Honolulu, Hawaii. 
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perhaps one of the most important considerations in the success or failure of 
a flexible conduit. The author himself also has qualified the strength charac- 
teristics of a flexible pipe with the phrase “when properly installed.” The 
writer wishes to amplify the importance of the proper installation of a flexi- 
ble pipe with Figures 1(a), (b) and (c). Figures 1(a) and 1(b) illustrate the use 
of water or a truck to consolidate the usual clay soil backfill. Under these 
cases the full weight of the overburden would probably be acting. The bottom 
and sides of the pipe usually receive little or no compaction. Deflection 
downward and laterally occur simultaneously and the load carrying capacity 
of the pipe is greatly reduced. Figure 1(c) illustrates Method “B” backfill 

in accordance with the California highway department practice.(7) This 
method of backfill eliminates all the objections previously mentioned and the 
overburden above the pipe may have some ground arching effects. 


Pipe Deflections and Earth Pressure Reactions 


The author has stated: 


“Also, inasmuch as flexible pipes fail by excessive deflection rather 
than rupture of the pipe wall, a method of structural design should be 
directed toward predetermining the deflection of the pipe under specified 
conditions of installation and loading. 

“The deflection of a flexible conduit continues to increase slowly over 
a long period of time after the vertical load on the pipe has reached its 
maximum value, due to a gradual yielding of the soil at the sides.” 


This phenomenon of lateral deflection or horizontal diameter change ac- 
cording to Terzaghi(8) is due to the consolidation of the soil along the sides 
of a tunnel. Because of the damaging effect of a rapid horizontal diameter 
change, necessity being the cause of invention, tunnel practice has fallen upon 
the use of pea gravel for backpacking the voids outside of a liner plate tunnel 
lining. In addition, a horizontal tie rod is occasionally used to maintain the 
shape of a tunnel, which practice is no different from that of posting a flexible 
culvert under a high embankment. 

By maintaining the shape of a flexible pipe with tie rods or posting and the 
use of a granular material for backfilling the sides of the pipe in accordance 
with Method “B” of the California practice, little if any lateral deflection may 
take place after construction work is completed. Hence, it may be pointed 
out that the active or passive soil pressure distribution around a pipe for an 
assumed deflection in the structural analysis of a flexible pipe can be made 
to differ within a wide range from the actual pressure distribution by the 
method of construction or backfilling. 

The writer prefers the use of a graded porous filter material such as that 
used for underdrains as a backfill material for the sides of a pipe in trenches 
made in fine grained soil such as clays and silts. This type of material will 
transmit pressure and not sink or disappear into the surrounding fine soil. 


Linear Arch Theory 


As a rough guide for analyzing stresses in the design of tunnel supports, 
the linear arch theory has been published in several texts.(9,10) A linear 
arch is essentially an equilibrium polygon for a system of forces that will 
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cause the equilibrium polygon or thrust line to pass within the arch structure. 
If a tunnel arch tends to bulge or spread horizontally it brings into action 
passive soil pressures of such magnitude and distribution so as to keep the 
arch from collapsing. 

An estimate of the axial thrust in a linear arch can be made either graphi- 
cally by drawing a force polygon or by Navier’s principle: “At any point of a 
linear arch where the pressure is normal to the arch, the stress in the arch 
is the normal load per unit of length multiplied by the radius of curvature.”(11) 
According to this theory, the stress at the crown of a flexible pipe is equal to 
the radius times the unit vertical load. 

The linear arch theory is particularly expedient in estimating soil reac- 
tions and axial thrusts for odd shaped flexible pipes, Figures 2(a) and 2(b). 


Flexible Pipe Design by Linear Arch and Plastic Theories 


By the use of the linear arch theory in conjunction with the plastic theory 
for structural steel, a flexible pipe can be designed if an overburden load is 
assumed and conservative unit axial stresses are used. An elaboration of 
this approximate method follows: 


Figure 3(a) shows that if the loads are relatively light, the structure will be- 
have more or less according to the elastic theory. There will be moments 
and thrusis which the structure will have to resist. If the structure, however, 
is not rigid enough to resist moment or if the load is increased, plastic hinges 
will form at points of maximum moment or points A, B, C and D. The struc- 
ture will deflect or bulge laterally to bring passive soil pressures into play. 
The thrust line will have to pass through the newly formed plastic hinges as 
shown in Figure 3(b). 

If the structure is still not strong enough to resist moment, or if the load 
is further increased, plastic hinges may form at points E, F, Gor H, 

Figure 3(b), wherever the deflection or moment is greatest. At this stage the 
pipe approximates a linear arch and the thrust line more or less conforms to 
the outline of the structure. 

From performance experience, it has been reported that collapse of a pipe 
does not occur unless the deflection of the crown exceeds 20% of the diame- 
ter.(12) If plastic hinges are assumed to occur near the crown and ends of 
the upper quarter of the pipe, collapse of the pipe cannot occur unless plastic 
hinge A falls below hinges H and E in Figure 3(c). 

Plastic hinges form when the bending stresses exceed the yield point of the 
steel which may be at a stress of 35,000 psi or greater. Because a flexible 
pipe is confined by the backfill material, and the ultimate stress of steel is 
about 75,000 psi, collapse of the pipe will not occur even though the yield 
point of the steel is exceeded, provided however, that displacement is pre- 
vented from exceeding the 20% deflection indicated in Figure 3(c), and the 
segments from hinges H to A and A to E are designed stiff enough to behave 
as columns with hinged ends so as not to allow the crown to wrinkle or dim- 
ple inward. As the author points out, “flexible pipes fail by deflection rather 
than by rupture of the pipe wall.” 

Except for the crown of the pipe, deflection of a flexible pipe is directed 
toward the surrounding ground whereby bending moments are reduced by 
passive soil pressures and the full cross-sectional area of the structure may 
be effective in resisting axial thrusts. Even with the full overburden load the 
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unit axial stresses, however, are very low. Therefore, whether or not the 
Marston theory is used is immaterial in the final design of a flexible pipe. 

Hence, as a set of design criteria for flexible underground pipes the writer 
suggests the following: 


1. Making the structure as limber as possible so that: bending moments 
are negligible, the structure behaves like a linear arch designed with 
conservative unit axial stresses to carry the full overburden; 


2. Making the structure sufficiently rigid so that local buckling will not 
occur in a manner that will cause instability and a collapse, such as 
designing the upper quarter of the pipe—segment H to A and Ato E, 
Figure 3(b)—as two pin connected columns; and 


3. Controlling the excavation, installation and backfill so that the structure 
is well bedded and lateral deflection is kept down to a minimum. 


Example 


To illustrate the preceding discussion, the author’s example 2 of a 24 inch 
pipe with 1/4 inch wall thickness under 6 feet of overburden and an E-70 train 
load will be analyzed. 

For 6 ft. of overburden at 125 pounds per cu. ft. or 750 pounds per sq. ft. 
and a train load of 2090 pounds per sq. ft., the total load is 2840 pounds per 
sq. ft. Using Navier’s theory, the ring stress at the crown of the pipe is equal 
to the radius times the unit overburden load or 2840 x 1 = 2840 pounds per ft. 
of pipe. The unit stress is equal to the load, 2840 pounds, divided by the area, 
.25" x 12" or 3 sq. in., equals 947 pounds per sq. in. 

If the L over r ratio is investigated, L being assumed as one-eighth the 
circumference of the pipe or approximately the distance from hinge H to A, 
Figure 3(b), and r the radius of gyration, the following is obtained: 


x 12 


-289 x .25 


On the basis of the writer’s method, this exceeds the usual limif of 5 of 


less than 120. To come within this limiting value, the thickness of pipe re- 
quired is 0.27 inch. This difference between the author’s choice of 1/4 inch 
and the writer’s value of 0.27 inch is negligible for practical purposes. 

The author’s tabulation of coefficients to be used with formulas for mo- 
ments and deflections of closed rings and pipes is especially useful for quick 
estimates and investigations. 
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=p 


Original ground 


Method sequence: (!)Remove unsuitable material; (2) 
place compacted backfill; (A)excavate trench; (4¢)trim for 
uniform bedding; (5)backfill with compaction; (6)backfill in 
loosest possible condition; (7)backfill with full compactien. 


FIG. | Bacefilling Practice 
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deflected pipe 
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FIG. 3 Assumed Stages of Deflection, Pressure 
Distribution and Structural Behavior of a Flexible 
Pipe Culvert 
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